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ABSTRACT 
Progressive or disproportionate collapse occurs when localized structural damage leads to 
widespread collapse or failure of a structure.  Although the loss of any structural component in a 
building has the potential to initiate progressive collapse, structural columns in steel buildings 
are particularly susceptible to initiating this behavior if their load-carrying capacity is 
compromised.  Steel-framed buildings can possess the capacity to bridge over a single lost 
column and arrest collapse, but the dynamic and three-dimensional nature of this event prevents 
simple design-based analysis approaches from providing accurate assessments of collapse 
resistance. 
This research employed a set of two prototype steel moment-framed buildings to study 
dynamic ground-level column-loss scenarios for a variety of column locations within the 
structures.  One building contained three stories while the other had ten.  Both were intended to 
be representative of typical perimeter moment-frame office buildings built in a low-seismic 
region of the United States.  Three-dimensional finite element models were constructed to model 
the buildings using shell elements and incorporating the steel deck and composite concrete slab 
floor system.  Nonlinear material models were used along with simplified component models for 
beam and girder connections.  Accurate structural and non-structural masses were used to 
capture realistic inertial effects.  The models were then analyzed using the Abaqus/Explicit finite 
element analysis engine to simulate instantaneous structural loss of a single ground-level 
column.  This analysis was carried out for twelve individual columns in the three-story building 
and four individual columns in the ten-story building.  Analysis was conducted for a sufficient 
time following column loss to assess structural collapse or obtain the peak vertical displacement 
if collapse was arrested.  The output was then post-processed to obtain stresses in the steel deck 
and concrete slab as well as resultant connection forces and load-redistribution behavior. 
The three and ten-story building were found to be capable of arresting collapse following 
the loss of an individual ground-level supporting column for most column locations.  Demands 
were the least severe for perimeter columns within a moment frame, but the structures were also 
able to bridge over lost interior columns that had no moment connectivity.  Connection demands 
were significant in most column-loss scenarios and adequate moment connection strength and 
ductility was found to be necessary to ensure successful collapse arrest. 
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CHAPTER 1 - INTRODUCTION 
1.1 BACKGROUND 
Progressive collapse occurs in a structure when a small initial failure initiates widespread 
damage. It can also be described as ―disproportionate collapse‖ because the final damage is 
disproportionate to the initiating failure. In fact, ASCE Standard 7-05 defines progressive 
collapse as ―the spread of an initial local failure from element to element resulting, eventually, in 
the collapse of an entire structure or a disproportionately large part of it‖ (ASCE 2005). Thus, 
progressive collapse is a chain reaction event where damage spreads from the first failure, and 
while it does not necessarily progress throughout the entire building, the final damage is 
disproportionate to the initial cause. 
Although the first failure can be prevented by providing adequate capacity to resist the 
expected load (usually from some extreme event such as blast or impact), the high degree of 
uncertainty in the anticipated load and the expense in providing sufficient capacity makes this 
approach difficult.  This method is used, however, in some specialized cases, such as government 
or military facilities.  It is described as the enhanced local resistance (ELR) method in the Design 
of Buildings to Resist Progressive Collapse in the Unified Facilities Criteria (UFC), (DoD 2009). 
The initiating failure can be defined as the loss of load-carrying capacity of a single 
member or multiple members.  Ideally, the structure will have alternate load-carrying paths that 
prevent further damage.  This is often referred to as ―bridging over‖ the failed member.  The 
UFC guidelines refer to this as the alternate path method (APM) (DoD 2009).  If the structure 
does not have an alternate load path with sufficient capacity, the redistribution of load following 
the initial failure will cause a second failure, which in turn invokes a second load redistribution.  
If each successive alternative load path does not have sufficient capacity, this chain-reaction 
collapse will continue until a configuration with adequate capacity is achieved or the structure 
collapses entirely.  It is also possible that at some point the collapsing region may reach a point 
in the structure that is sufficiently weak such that it separates from the remaining intact portion, 
effectively isolating the damage. 
Although progressive collapse most often has occurred during building construction, 
these cases are generally due to overloading from temporary construction loads, improper 
construction techniques or sequences, or inadequate material strength (Breen 1975). The causes 
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of progressive collapse in completed structures are generally very different and the result of 
some external influence, such as fire, impact, or blast. As progressive collapse failures during 
construction are more readily understood and generally present less risk of loss of life and severe 
injuries than in completed structures, recent research has focused more on completed buildings. 
The structural members most susceptible to initiating progressive collapse in steel 
structures are columns. The load-carrying capacity of a column may be compromised by fire, 
impact, blast, or other means. Research on progressive collapse due to column loss following the 
APM can be divided into two basic categories: one that considers the particular threat, or one 
that does not consider the threat, but rather only that the load-carrying capacity of the column has 
been lost.  This is often termed a threat-independent approach.  Although this method is less 
precise than considering the actual effect of the extreme load on the load capacity of the column, 
it is much more versatile, as the result is valid for any situation that causes total loss of column 
load-carrying capacity.  It is also conservative for actual cases where the column is 
compromised, but the entire capacity is not lost. 
The work in this report will employ the threat-independent APM to consider loss of a 
single column at ground level in steel moment-frame buildings. 
1.2 DESIGN GUIDELINES 
The concept of progressive collapse has been considered in design codes since the 
famous 1968 Ronan Point apartment block failure and it has gained significant attention 
following the destruction of the World Trade Center on September 11, 2001. After the Ronan 
Point collapse, the UK adopted provisions in 1976 in its design codes to ensure minimum levels 
of resistance to progressive collapse.  The US also began to include measures to address 
progressive collapse in concrete structures, beginning with the Precast Concrete Institute (PCI 
Committee on Precast Concrete Bearing Wall Buildings 1976). These were largely limited to 
prescriptive requirements such as tying structural members together through minimum tensile 
capacities. In the 1980's, more research was conducted and integrated into design codes (ANSI 
1982). While the UK codes required these prescriptive measures to resist progressive collapse in 
both steel and concrete structures, the US requirements were limited to concrete (cast-in-place 
and precast) structures. This was primarily because of the lack of redundancy in concrete 
structures, especially precast bearing wall types.  The PCI recommendations were first integrated 
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into modern US concrete design codes in the 1995 edition of ACI 318-95 (Cleland 2007).  The 
most recent edition, ACI 318-09 (ACI 2008), continues to include these requirements as well as 
measures against progressive collapse in cast-in-pace structures via minimum reinforcement 
detailing requirements. These detailing requirements ensure a minimum level of ductility, tensile 
capacity and moment reversal capacity that can aid the structure in redistributing loads from 
failed members and allow progressive collapse to be arrested. 
Current US steel design codes do not directly address analysis or design strategies to 
mitigate progressive collapse; however, several documents for government agencies have. In an 
effort to protect US government and military buildings susceptible to terrorist attacks from 
progressive collapse, the General Services Administration (GSA) and Department of Defense 
(DoD) independently published their own guidelines and requirements for progressive collapse 
assessment and mitigation (GSA 2003),(DoD 2003).  In 2005, the GSA guidelines were 
integrated into the DoD UFC to create a single, unified document addressing progressive 
collapse for government and military buildings (Stevens 2009), and the most recent edition was 
published in 2009 (DoD 2009).  This document is unlike standard design codes (e.g. ACI 318 or 
AISC 360) in that it does not provide detailed design requirements or equations, but rather 
addresses the topic in an overall framework in which analysis techniques and performance 
objectives are used. The appropriate structural design codes can then be used within this 
framework to assess detailed aspects of behavior and performance such as member and 
connection strengths. 
1.3 PRIOR RESEARCH 
While a growing amount of research has been conducted on progressive collapse in 
recent years, the behavior and load redistribution mechanisms of steel structures when a 
supporting member is lost are still largely unknown. Most research on steel buildings subjected 
to column loss has focused on exterior moment frames with relatively few studies exploring the 
behavior of framing with simple shear connections.  There have been even fewer projects which 
considered the effect and contribution of the concrete composite slab and deck in bridging over a 
failed column.  The following are summaries of relevant research projects into the subject of 
column loss in steel-framed building structures. 
 4 
 
1.3.1 Progressive Collapse Analysis and Prevention Methodologies 
Ellingwood et al. (2007) 
This research provides a broad overview of the topic of progressive collapse.  It does not 
focus on specific design strategies or test results, but instead addresses the background and 
motivation for progressive collapse-resistant design as well as practical approaches for threat 
reduction, and discussion of direct and indirect design approaches.  The design approaches are 
primarily those recommended by the General Services Administration (GSA) and Department of 
Defense (DOD).  Some specific design guidance is provided for new buildings as well as for 
retrofit of existing buildings.  Details such as connection design recommendations are provided, 
but most are conceptual and qualitative and without specific numerical requirements.  
Worldwide progressive collapse provisions and design standards are discussed as well as gaps in 
current knowledge and suggested research areas.  Several case studies are also provided which 
give real-world validation of theoretical concepts in progressive collapse resistance. 
Marchand et al. (2009) 
This research is a pre-standard and commentary created by the Structural Engineering 
Institute (SEI) Progressive Collapse Standards and Guidance Committee.  It outlines two 
components that should be addressed: (1) a risk determination, and (2) engineering approaches to 
ensure robustness and progressive collapse resistance using a performance-based approach. 
Four general approaches to ensure robustness are presented: (1) Traditional prescriptive 
tie force methods, (2) development of alternate load paths, (3) enhanced local resistance, and (4) 
compartmentalization.  Unlike most previous literature, tying forces are recommended to be 
provided by the floor systems rather than beams and girders.  This is due to the lack of typical 
connections that are capable of withstanding the large rotations necessary to mobilize catenary 
action while maintaining sufficient axial strength.   
The alternate path method to bridge over a specified damaged area is also discussed in 
detail and several refinements are proposed.  First, more accurate load increase factors (LIFs) 
and dynamic increase factors (DIFs) to be used in linear static analysis are derived for both steel 
and concrete structures as functions of the ASCE 41-06 material non-linearity factor.  This is a 
significant improvement over the GSA recommendation of a constant 2.0 load multiplier.  It is 
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interesting to note that the authors actually classify the alternate path method as a prescriptive 
approach since the level of initial damage is specified by the designer.  The behavior of typical 
moment connections is also examined, and recommendations on acceptable rotation limits and 
stiffnesses are made.  The proposed acceptable rotation for traditional seismic moment 
connections (welded unreinforced-flange, WUF) is 0.043 radians.  The observed rotational 
stiffnesses from a survey of 10 steel connection tests were found to be significantly less than 
those given by ASCE 41-06, e.g. only 31% for WUF connections.  Local resistance and 
compartmentalization are also briefly mentioned, although not discussed beyond the conceptual 
level. 
Gustafson (2009) 
This research studied the structural integrity requirements incorporated in the 2009 
International Building Code (IBC).  It specifically focuses on the sections applicable to steel 
framed buildings and the consequences on connection design. The IBC stipulates that these 
structural integrity requirements must be met for high rise buildings with occupancy categories 
III (public assembly > 300, schools > 250 or any occupancy > 5000 occupants) or IV (essential 
facilities such as fire, rescue, police or hospitals with emergency treatment rooms). 
The requirements for steel framed buildings are primarily minimum tensile-strength 
limits for column splices and shear connections.  Column splices must have sufficient tensile 
capacity to carry the tributary dead and live loads which are between the splice in question and 
the next splice or baseplate below.  Beam shear connections must have nominal tensile capacity 
equal to 2/3 of the LRFD required shear force (but not less than 10 kips).  If additional 
prescriptive requirements are met, the shear connections must only have tensile capacity equal to 
1/3 of the LRFD required shear force (but still not less than 10 kips).  These additional 
requirements are that the floor system must be a composite concrete slab with at least 3/8‖ 
diameter shear studs spaced not more than 12‖ apart (or an equivalent shear transfer mechanism) 
and the slab must contain continuous distributed orthogonal steel reinforcement with area not 
less than 0.0015 times the concrete cross-sectional area. 
The majority of the document consists of guidelines and detailed examples that illustrate 
the application of the new IBC requirements in typical steel connection design.  The author 
recommends designing connections for the required gravity loads and then checking their 
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capacity for the structural integrity requirements and altering them if necessary.  The author 
concludes that typical connections will meet the integrity requirements without alteration. 
1.3.2 Large-scale Structural Simulations of Column Loss 
Foley et al. (2007) 
This researched included two main foci.  The first was an extensive literature survey that 
summarizes the results and conclusions from past research on progressive collapse, and the 
second involved a series of dynamic analytical simulations of column loss in moment-framed 
buildings.   
The literature review begins with early work done in the UK on progressive collapse in 
concrete structures following the Ronan Point tower collapse and includes key research carried 
out in the following decades as well as the evolution of formal provisions in building codes and 
design specifications.  Summaries of publications covering experimental work and analytical 
methods for progressive collapse performance assessment are also included. 
The primary subject of this research was the analytical column-loss simulations carried 
out using SAP2000 software.  The pre-Northridge Boston structures in the SAC-FEMA suite of 
moment-framed buildings were chosen for the project as they represent typical steel-framed 
office buildings in much of the US.  The three, ten, and twenty-story buildings were analyzed 
using full dynamic time-history analysis in SAP2000 for their behavior when a supporting 
perimeter column at the ground level in the moment frame was nearly instantaneously lost.  All 
steel framing was modeled and the composite concrete slab was replaced with diagonal steel 
members in each bay that represented the shear stiffness of the slab.  Moment connections were 
modeled as completely fixed and shear connections were modeled as frictionless pins.  Gravity 
loads typical of office occupancy were applied prior to the column removal with a combination 
of 1.0D + 0.25L. 
The following conclusions were made: 
1. Typical moment-framed structures have the ability to bridge over a failed column 
within the perimeter moment frame.   
2. The moment connections should be designed to support a full reversal of moment and 
have adequate ductility to support plastic rotations of up to 0.016 radians.   
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3. The connection rotational demands are greater for shorter buildings due to the fewer 
number of available floors for Vierendeel action to spread the load to adjacent 
columns.   
4. Dynamic amplification of forces (due to inertia effects) was more pronounced in 
structures with less overall redundancy (e.g. the shorter structures), which also 
contributed to more favorable response in taller buildings. 
Khandelwal et al. (2008) 
Computationally efficient large-scale structural models were created and analyzed for 
column-loss scenarios.  The models were developed with the intention of using them to study 
seismically-designed steel moment frames using the nonlinear alternate path method (APM).  
Macromodels were chosen over continuum finite element models due to their lower 
computational demand.  The beams were modeled with Hughes-Liu beam-column elements and 
connections were modeled with assemblages of springs and rigid members, which were 
calibrated to experimental connection test data.  Fracture behavior was included in the 
connection model.  The structures were 10-story moment-framed office buildings designed for 
Seismic Design Categories C (Atlanta) and D (Seattle), which used intermediate moment frames 
and special moment frames, respectively.  All modeling was done with two-dimensional frames 
taken from the prototype structures.   
Simulations of first-floor column removal scenarios were carried out.  Full design dead 
load plus 25% of design live loads, were applied slowly over 5 seconds and then held constant 
for 2.5 seconds to allow dynamic effects to damp out before the column was instantaneously 
removed.  Mass-proportional damping of 5% was used for all models.  The axial forces in 
columns surrounding the lost column were recorded as well as the displacement at the removed 
column. 
The following conclusions were made: 
1. The SMF building was less vulnerable to progressive collapse than the IMF building 
not necessarily due to the more ductile seismic detailing, but due to fewer gravity-
only columns in perimeter frames. 
2. Column loss in moment frame bays is resisted primarily through frame action because 
the deformations are not large enough to initiate catenary action.   
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3. The inelastic deformations imposed on the moment connections were well within the 
expected ductility of the seismic connections indicating that structures could 
withstand columns lost in moment frames and that the additional ductility provided 
by seismic detailing may not be necessary. 
4. Resistance to collapse when a gravity-only column was removed was not as clear, 
since large deformations occurred to mobilize catenary action but the contribution of 
the slab to this mode of resistance was not included. 
5. It was evident that the shear connections possessed sufficient ductility but inadequate 
strength to carry the necessary catenary forces to bridge over a failed gravity-only 
column.  The behavior may change significantly if the composite slab were 
considered, however. 
Khandelwal et al. (2009) 
The vast majority of progressive collapse research has been carried out on prototype 
structures which employ moment frames as their lateral force-resisting system.  This research, 
however, considered the behavior and performance of braced frame systems subject to column-
loss progressive collapse scenarios.   
Macromodels were chosen over continuum finite element models due to their lower 
computational demand.  The beams were modeled with Hughes-Liu beam-column elements and 
connections were modeled with assemblages of springs and rigid members which were calibrated 
to experimental connection test data.  Fracture behavior was included in the connection model.  
Diagonal braces were modeled with initial imperfections and buckling behavior was calibrated to 
existing test data to ensure realistic behavior in both tension and compression.  The structures 
were 10-story moment-framed office buildings designed for Seismic Design Categories C 
(Atlanta) and D (Seattle) which used special concentrically-braced frames (SCBFs) and 
eccentrically braced frames (EBFs), respectively.  All modeling was done with two-dimensional 
frames taken from the prototype structures.   
Simulations of first-floor column and brace removal scenarios were carried out.  Full 
design dead load plus 25% of design live loads were applied slowly over 5 seconds and then held 
constant for 2.5 seconds to allow dynamic effects to damp out before the column was 
instantaneously removed.  Mass-proportional damping of 5% was used for all models.  The axial 
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forces in columns surrounding the lost column and displacement at the removed column were 
recorded. 
The following conclusions were made: 
1. Both structures were found to be capable of bridging over a lost column and even a 
combination of a lost column and brace at the first floor. 
2. The high-seismic EBF was found to be less vulnerable to progressive collapse, but 
this was attributed to the structural layout rather than improved ductility due to 
seismic detailing because the overall deformation demands were small in both 
structures.  Adjacent gravity-only bays, however, did fail due to inadequate capacity 
of shear connections. 
3. Based on the favorable response of the braced frames to column loss, the authors 
recommended placing braced frames at the building perimeter and minimizing the 
number of gravity-only columns whenever possible due to the greater risk of exterior 
columns being lost. 
Main and Sadek (2009) 
Several ten-story prototype steel moment-frame buildings were designed to be used in 
progressive collapse analysis.  The structures were designed for moderate and high seismic 
regions and employed intermediate and special moment connections, respectively. 
Three-dimensional finite element models in LS-DYNA were created for the buildings.  
Beams and columns were modeled with Hughs-Liu beam elements and the steel composite deck, 
concrete slab and welded wire reinforcement were all modeled with one layer of shell elements 
that attempted to capture the total behavior of the composite slab system.  Shear studs were 
modeled with spring elements that were offset from the centerlines of the beams to the top of the 
beam flanges with rigid links.  Contact definitions transfer the gravity loads from the floor slab 
elements to the beam elements.  The connections were modeled using a macromodel approach 
consisting of rigid links and discrete springs.    Springs were also included to model the initial 
gap and pinching action between the slab and columns. 
The simulation procedure described in the paper consists of applying the static gravity 
loads, then instantaneously removing a supporting column from the first floor while the gravity 
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loads remain.  One column-loss scenario was presented for the purpose of illustrating the 
process. 
Song and Sezen (2009) 
This manuscript describes the evaluation and testing of an actual building structure 
subject to progressive collapse column-loss scenarios. The structure was a four-story steel 
moment frame with eight bays in the longitudinal direction and two in the transverse direction.  
The cladding consisted of brick masonry and glass windows.  No live loading was present in the 
structure.  Four columns were selected for removal along the longitudinal exterior frame: a 
corner and its adjacent column, and two columns near the middle of the side.  Physical column 
removal was carried out on the building as well as several analytical simulations of column 
removal in the exterior frame. 
The cladding in the bays surrounding the columns to be removed was cleared and the 
columns were removed one-by-one.  Each column was removed nearly instantaneously and 
adequate time was left to allow the structure to reach an equilibrium configuration before 
removing the next column.  The structure withstood the removal of all four columns. 
Two 2D analytical simulations were performed on the exterior frame as described in the 
General Service Administration recommendations (GSA 2003): (1) a linear static analysis and 
(2) a non-linear dynamic procedure.   
The following conclusions were made: 
1. The linear static analysis showed that the demand-to-capacity ratios (DCRs) were all 
below the value of 2.0 allowed by the GSA procedure except for the case of all four 
columns being removed.   
2. DCRs were not computed for the non-linear dynamic procedure, but the observed 
deflections were less than for the linear static analysis, indicating that the dynamic 
amplification factor of 2.0 for static analysis is conservative. 
 
Krauthammer and Yim (2009) 
Model simulations of multiple column loss in a ten-story steel moment-framed office 
building were carried out.  The authors argue that consideration of single column loss in a 
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progressive collapse scenario is excessively optimistic as real attacks may render several 
adjacent columns ineffective.  Based on this opinion, the research conducted investigated the 
effect of multiple column loss on a steel-framed building. 
The building was designed with 30’x30’ bays, 14’ tall stories (except for the first-floor 
story which was 20’ tall) and a simplified framing plan with the same W24x76 girders used for 
all perimeter moment frame beams as well as interior shear-connected girders except for the roof 
level, which employed smaller sections for both the perimeter and interior frames.  Columns 
were the same throughout the floor plan, with W12x170 members for the first five stories and 
W12x72 sections for the upper half.  All floor beams except at the roof level were W16x31.  
Moment connections were assumed to be welded unreinforced flange-bolted web (WUF-B) and 
shear connections were designed as single-plate shear tabs. 
The structure was modeled with beam elements for the framing and included a concrete 
slab modeled with shell elements, which was fully connected to the floor framing to represent 
composite action.  Both the concrete and steel were defined as elastic-perfectly-plastic (EPP) 
materials.  The concrete was assigned an elastic stiffness of 3.5x10
3
 ksi and a yield stress of 4000 
psi while the steel had an elastic modulus of 29x10
3
 ksi and a yield stress of 50 ksi. 
Two connection models were used: one featuring idealized behavior with moment 
connections as completely rigid and shear connections as perfect pins, and the other with both 
types modeled more realistically as semi-rigid.  High-fidelity 3D nonlinear models of both 
connection types were used to calibrate the spring stiffness elements in the simplified frame 
models. 
Six geometrically nonlinear dynamic time-history analyses were carried out on the 
structure considering various permutations of the loss of four columns located at one corner of 
the structure.   
Based on the results of the analyses, the following conclusions were made: 
1. Both the idealized and realistic connection models resulted in the same overall 
behavior and the connection type did not affect the structure’s propensity to collapse. 
2. The structure was able to bridge over the loss of single columns and even two 
adjacent columns without sustaining either localized or global collapse. 
3. Only the simultaneous loss of three adjacent columns caused a total collapse of the 
structure. 
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4. Once progressive collapse was initiated by horizontal column buckling, it could not 
be arrested, and therefore, column buckling is the critical factor to be controlled. 
1.3.3 Behavior of Structure Sub-Assemblies Subjected to Column Loss 
Khandelwal and El-Tawil (2007) 
This research investigated the contribution of catenary action on progressive collapse 
resistance.  To study the formation of catenary action in steel moment frames, a computational 
simulation of an exterior two-span steel frame with the center column removed was carried out.  
Beams and columns were AISC wide-flange sections consisting of ASTM A572 Gr. 50 steel.  A 
transverse gravity beam at the removed column was included in the model.  The connections 
were designed for a high-seismic eight-story moment-frame structure typical of those found on 
the U.S. west coast and included reduced beam sections (RBS).  Finite element models were 
used to model the behavior as a downward point load was applied at the location of the missing 
column.  Shell elements were used to model all components.  The connection details were 
modeled explicitly and included finite element representations of the bolts.  An advanced 
material model which captured ductility and fracture was used for all steel components. 
Results discussed included the inelastic behavior and failure characteristics, deformation 
capacity and catenary action as well as the effect of the transverse beam, the yield stress to 
ultimate stress ratio (YUSR) of the steel, heat-affected zone, and the web connection detail.   
The following conclusions were made: 
1. The transverse out-of-plane beam did not have a significant effect on the load 
capacity. 
2. Shallower beam sections allow significantly more ductile connection rotation than 
deeper ones. 
3. Use of steel with a higher YUSR (such as A992) and a strong shear tab was found 
to significantly improve performance. 
4. Welded shear tabs or beam webs welded directly to the column were found to be 
superior to bolted shear tabs due to the increased stiffness of the web connection.  
This reduced the shear and local bending demand on the beam flanges and flange-
to-column welds. 
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Sadek et al. (2008) 
In this research, computational simulation of a progressive collapse scenario consisting of 
the loss of an interior column in a moment-framed steel building was carried out.  Although the 
structure employed moment frames as the lateral system, the interior section under study in this 
paper consisted solely of gravity frames.  The building contained 20' by 30' bays which included 
W16x26 girders and W14x22 infill beams with 3‖ 20 gauge composite steel deck topped with 3‖ 
of lightweight concrete reinforced with 6x6 – W1.4x1.4 welded wire mesh.  All wide-flange 
sections were A992 and shear tabs were A36 steel.  Shear tabs employed standard details and 
used 3/4‖ A325 bolts.  Beam end gaps were set at 1‖ 
Three connections models were developed: a high-fidelity solid-element finite-element 
model, a reduced component model, and a reduced coarse shell element connection model.  To 
validate and compare these models, they were used in a two-span beam which was subjected to a 
static pulldown analysis.  All three models gave similar results and compared favorably with past 
experimental results. 
Using the reduced coarse shell element connection model, a two-by-two bay structural 
model was created, including details such as the steel deck, shear studs, welded wire 
reinforcement and concrete slab.  The columns were extended one floor above and below and the 
ends were pinned.  Static pulldown analyses were then carried out on this model while varying 
the level of detail modeled.  Results were given for the framing only, the framing only with the 
columns pinned at the corners of the floor level, the framing with the steel deck added, and 
finally the entire detailed model.  The load-carrying capacity and stiffness increased as the more 
components were added to the model, with the detailed model having the highest capacity.  All 
models failed due to shear tab connection failure where the bolts tore out of the shear tab. 
The following conclusions were made: 
1. The load carrying mechanism was identified as catenary and membrane action in each 
model, with the added components contributing to more membrane capacity. 
2. The high initial stiffness of the detailed model including the composite slab seemed to 
indicate that composite action played a role in addition to catenary and membrane action. 
3. The ultimate capacity of the full detailed model was less than the static gravity load (D + 
0.25L) it would be required to support, indicating that this system would not be able to 
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bridge over a failed interior column, especially once dynamic amplification was 
considered. 
4. Connection rotation at peak strength was less than similar connections tested under 
seismic loading (0.088 rad vs. 0.14 rad from seismic testing) due to the different load 
resistance mechanism. 
5. In a column-loss scenario, the connections do no simply rotate about their centroid, but 
are loaded axially beginning at relatively low rotations due to composite action, thus 
leading to tensile failure at smaller rotations. 
1.3.4 Behavior of Connections under Progressive Collapse Scenarios 
Owens and Moore (1992) 
Experiments were performed on all-bolted double-angle and endplate shear connections 
subject to pure axial tension.  The work was carried out in the UK with the goal of assessing the 
axial capacity of typical shear connections in multistory steel braced frames.  At the time the 
research was conducted, the applicable UK design code incorporated tying force requirements 
for all connections in steel buildings of 75kN and 40kN at floor and roof levels, respectively. 
The testing program consisted of 11 double-angle connections and 10 endplate 
connections.  Four different geometries were used for each connection type (consisting of 1, 3, 5, 
and 7 rows of bolts).  All bolts used were grade 8.8 M20 bolts in 2mm clearance holes 
pretensioned to 150Nm of torque.  The connections were constructed with beams framing into 
column flanges, except for several that were framed into the column web.  The angle and plate 
sections had similar yield and ultimate stresses to current ASTM A36 specification, and tensile 
test coupon results showed the expected variation in these stresses.  Beams and columns were 
ASTM Grade 43 steel. 
The typical failure modes of the double-angle connections were bolt punching in the web 
cleat and fracture of the web cleat near the heel.  Several connections failed by bearing failure in 
the beam web, however.  When tension was applied, the angles began to straighten, allowing the 
force to be carried by a combination of moment, shear and membrane action in the angles. 
In the endplate connections, fracture of the endplate near the weld toe was the most 
common failure mode while several experienced bolt tear-out failure in the endplate.  The 
 15 
 
deformation behavior was similar to the double angles except the continuity across the plate 
reduced the deformation capacity and the amount of membrane action that could develop.  This 
resulted in up to a 50% reduction of axial capacity in endplate connections with the same number 
of bolts compared to double-angle connections. 
Equations to predict the strength of double-angle and endplate connections were 
developed by assuming plastic hinges would form in the angles and endplate.  The membrane 
force developing in the angles due to them straightening was taken into account for the double-
angle but not for the endplates, since the rigidity of the supporting member would need to be 
greater than that of the typical column flange or web.  This development resulted in an iterative 
interaction equation for the double-angles and a straightforward closed-form solution for the 
endplates. 
The derived strength equations were altered in an attempt to make them easier to apply in 
a design environment.  This resulted in the strength of the double-angle connections being 
calculated from the gross tensile capacity of the cross-section of the angles, reduced by an 
empirical factor based on the material strength (0.6 for Grade 43 steel and 0.5 for Grade 50 
steel).  The theoretical equation for endplate connections was kept unmodified.  A simple 
analysis of the prying action on the bolts is also carried out and a resulting nominal bolt tensile 
stress (calculated from the gross connection tension force) of 300MPa is recommended.  The 
developed design methods tend to significantly under-predict actual connection strength, 
however, and cannot be used to precisely calculate connection tensile capacities. 
Guravich and Dawe (2006) 
A series of experimental tests performed on simple shear connections subjected to 
combined shear and tension.  Four types of connections were tested: header angles (all-bolted 
double angle), single angle, shear tab (single-plate), and knife angles (double angles welded to 
the supporting member and bolted to the supported member).  A total of 108 full-scale 
connections were tested.  The specimens were fabricated by 10 certified independent steel 
fabrication shops in Canada and intended to be representative of typical connections used in steel 
construction.  Several different configurations of each type of connection were tested, including 
7.9mm and 9.5mm thick angles and plates as well as connections with 2 and 3 rows of bolts.  
ASTM A325 bolts were used in all connections and typical metric detail distances were used 
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according to the Handbook of Steel Construction published by the Canadian Institute of Steel 
Construction (2004).  Supporting and supported members used in the tests were all sufficient 
such that failure would occur in the connections.  The grade of steel used for connection angles 
and plates was not given, but yield and ultimate stresses were provided from coupon tests which 
seem to indicate ASTM A36 steel was used. 
Four different types of tests were carried out on each connection configuration: one with 
pure shear applied until failure, one with pure tension applied to failure, one with 50% of the 
design shear applied and tension then applied until failure, and one with the full design shear 
applied and tension then applied until failure.  All tests were carried out after a rotation of 0.03 
radians was first applied to the connection. 
Ultimate capacities were provided for each test as well as force-axial displacement 
curves.  Header angles typically failed by bolt shear in the outstanding legs, rupture of the 
outstanding legs at the bolt lines or bolt heads tearing through the outstanding legs.  Single angle 
connections failed in combination of shear fracture of the angle and bolt shear.  Shear tab 
connections typically failed in bolt bearing (tear-out).  Knife angle connections generally failed 
via fracture initiating at the end of the weld returns on the top of the outstanding legs.   
The following conclusions were made: 
1. Header angles, single angles and shear tab connections were well-suited for resisting 
combined shear and tension forces but knife angles were ill-suited due to their poor 
capacity and fracture mode of failure in tension. 
2. The code-applied design equations predicted the shear capacity of connections well, 
but calculating tensile capacities (not included explicitly in the CISC or AISC codes) 
was less reliable. 
3. A bolt prying model for header angles can conservatively give the tensile capacity, 
but variability is high. 
4. For single angles, the tensile and combined tensile and shear capacity could be 
adequately predicted by the bolt shear capacity subjected to the resultant of applied 
tensile and shear forces. 
5. The combined tensile and shear capacity of knife connections can be found by 
assuming that vertical welds resist shear and the top returns resist tension. 
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6. The combined shear and tension strength of shear tab connections can be found by 
independently considering shear and tension on the connection as there is minimal 
interaction in the connection plate.  Bolt bearing (tear-out) accurately predicts the 
tensile capacity, although the bolts should be checked for shear capacity for the 
resultant of shear and tension forces. 
Sadek et al. (2009) 
A detailed study of the connection behavior of steel beam-column moment connections 
was conducted.  Two types of connections were considered: (1) a welded, unreinforced flange, 
bolted web (WUF-B) connection, and (2) a reduced beam section (RBS) connection.  Physical 
tests were carried out on a two-span section with the outer columns anchored.  The center 
column was loaded vertically (pulled downward) until connection failure was reached.  Detailed 
finite element models of the physical tests were created in LS-DYNA.  These models included 
finite element representation of all connection components, including bolts and welds.  Material 
models incorporated inelasticity and fracture.  Reduced macromodels were also created using 
Hughes-Lui beam elements, nonlinear springs and rigid links.  No steel deck or composite slab 
was included in the models or physical tests. 
Both the detailed and reduced finite element models were gave accurate results when 
compared to the physical tests.  Both types were tested monotonically up to fracture, in both 
types of models and the physical tests.   
The following conclusions were made: 
1. The RBS connection displayed nearly twice the rotation at peak strength (0.155 
radians) as the WUF-B connection (0.088 radians). 
2. Both connection types had rotational capacities of about twice what was expected 
when compared to seismic tests (0.073 and 0.047 radians, respectively).  This was 
attributed to the monotonic nature of this test versus the cyclic testing used for 
seismic connections. 
3. The primary load carrying mechanism transitioned from flexure at low levels of 
rotation to catenary action with significant tensile forces in the members at high 
levels of rotation. 
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Karns et al. (2009) 
This research consisted of a series of finite element analyses and physical tests of single-
story two-span frames performed for the General Services Administration (GSA).  In some of the 
tests, the center column was subject first to a blast load, and then vertically loaded (pushed 
down) in a reaction fixture until connection failure was reached.  The frames were designed for 
low seismic regions and both physical tests and finite element analyses were carried out for 
welded unreinforced-flange bolted web (WUF-B) and SidePlate (SMF) connections.  Finite 
element simulations alone were also carried out for reduced beam section, bolted double split-
tee, bolted double angle, and single bolted shear-tab gravity connections as well as for the WUF-
B and SMF connections including the steel deck. 
The following conclusions were reached: 
1. Rotational ductility is essential to bridge over damaged portions, as the tensile forces 
necessary to carry loads through catenary action are only mobilized when sufficient 
vertical displacements (and hence connection rotations) occur.   
2. The SidePlate connection was able to carry 4-5 times the applied load at the missing 
column as the WUF-B, largely due to its high ductility which allowed catenary action 
to develop.   
3. The RBS connection also performed significantly better than the WUF-B connection, 
despite a 35% reduction in the moment capacity and a 25% reduction in the axial 
capacity of the beam section.  The reduced section allowed sufficient rotation to occur 
which allowed catenary action, whereas the WUF-B connection fractured when the 
flexural mode was still dominant. 
4. The capacities of the two-span frames with shear connections were drastically lower 
than the cases with moment connections. 
5. The frame with the double angle connections had approximately four times the 
vertical load-carrying capacity at the missing column of the frame with single shear 
tab connections due to its greater rotation capacity before significant damage 
occurred. 
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1.4 RESEARCH OVERVIEW 
Although there has been an increasing amount of research conducted on progressive 
collapse recently, there is still much to be addressed.  Most detailed analysis of member and 
connection behavior during progressive collapse column-loss has been conducted on isolated 
sub-assemblages which do not include the dynamic loading seen in a complete building.  The 
large-scale dynamic simulations of column loss, conversely, have employed very simple 
structural models that do not include detailed member, connection, and material behavior and 
often omit the composite concrete slab.  The research in this thesis intends to help bridge the gap 
between detailed small-scale static analysis and the approximate large-scale dynamic analysis. 
1.4.1 Motivation 
Most structural design of regular steel buildings is carried out using 2D planar frame 
models with 1D Euler-Bernoulli beam elements. This approximation works well when 
considering normal loads such due to gravity, wind, or seismic forces. In a progressive collapse 
column-loss scenario, however, three-dimensional effects can be significant as out-of-plane 
members can contribute to redistributing forces and complex member response such as shear 
deformation and local buckling may be significant. This research effort will seek to use more 
detailed member models which include 3D effects. 
Previous work has shown that steel-framed buildings with composite concrete floors have 
the capacity and robustness to bridge over failed columns (Foley, Martin and Schneeman 2007), 
(Khandelwal, El-Tawil and Kunnath, et al. 2008), yet there is a lack of knowledge on the full 
effect of the composite slab as most of these studies have neglected the effect of the concrete 
slabs typically used as flooring systems in steel-framed buildings.  Considering that concrete 
slabs are typically designed to act compositely with the supporting beams using welded shear 
studs, the contribution of the floor system could be significant.  Furthermore, when the steel deck 
and concrete slab have not been included, the demand and potential damage to these components 
has also been unknown 
Another aspect of progressive collapse in need of further investigation is the demands 
placed on connections during a column-loss scenario. Beams, girders and columns in steel 
buildings have significant strength and ductility, yet economical connection design usually 
dictates that connections have significantly less capacity than the full section strength of the 
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member. This is especially true for simple connections which are designed only to resist shear 
loads. This study will use connection models that accurately represent the actual strength and 
stiffness of both shear and moment connections.  This should not only provide accurate overall 
behavior but also allow a better assessment of performance and demands on the connections.  
Furthermore, previous work has generally focused on column-loss within moment frames, and 
few projects have studied dynamic column loss where framing is fastened to the failed column 
with only shear connections.  
Most previous efforts have studied the loss of perimeter columns within a moment frame 
(Foley, Martin and Schneeman 2007), (Khandelwal, El-Tawil and Kunnath, et al. 2008), (Sadek, 
Main and Lew 2009), and those which have considered interior columns (Sadek, El-Tawil and 
Lew 2008) have not included dynamic effects.  Little work has been done to understand the 
effect of column location and framing conditions outside of these two simple cases, such as 
corner columns or columns with moment framing on one side and gravity framing on the other.  
The pattern of load redistribution for cases other than column loss in perimeter moment framing 
is also largely unknown. 
1.4.2 Objectives 
In view of the preceding needs, this research will investigate the following objectives 
during dynamic column loss events in low and medium-rise steel moment-framed buildings: 
1. Study 3D load redistribution patterns 
2. Investigate the performance of the steel deck and concrete slab 
3. Evaluate connection demands 
4. Assess the impact of different framing conditions such as the location of the lost 
column and the orientation of surrounding beams and girders 
5. Study the effect of connection type surrounding the lost column, such as shear or 
moment connections 
6. Investigate the influence of building height on structural performance during 
column-loss 
7. Evaluate the ability of the structural systems to bridge over column loss for a 
variety of scenarios 
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1.4.3 Research Organization 
The remaining portion of this thesis is divided into four additional chapters.  Chapter 2 
describes the prototype buildings considered in the research project.  Chapter 3 describes the 
development of the finite element models used to represent the prototype structures during 
analysis.  This includes all geometrical details, material constitutive relations, as well as loading, 
boundary conditions and analysis techniques.  Chapter 4 presents the results from the column-
loss analyses on the finite element models of the prototype buildings.  The overall structural 
behavior and performance is discussed as well as the demand on the structural components, with 
a particular focus on the structural connections.  In Chapter 5, the results from Chapter 4 are used 
to make generalized conclusions regarding the performance of low and mid-rise steel structures.  
Trends such as load redistribution, member and connection behavior are analyzed as well as 
geometric effects such as the location of the lost columns with respect to the surrounding 
structure.  In Chapter 6, the results are summarized, recommendations are made, and topics of 
future research are suggested. 
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CHAPTER 2 -  PROTOTYPE STRUCTURES 
2.1 INTRODUCTION 
Steel structures are nearly limitless in their shape, size, type of construction, and 
connection design.  As such, robustness and connection demands vary accordingly.  To arrive at 
meaningful conclusions and obtain useful data from progressive collapse analysis, a typical 
structural layout and connection type must thus be used.  In accomplishing these goals, the SAC-
FEMA suite of buildings was selected for this research project (FEMA 2000d).  In particular, the 
structures designed for the Boston area with pre-Northridge connections were used as they 
represent the most common steel construction found in typical American office buildings 
designed for low-seismic regions.  Previous research projects on steel structures subject to 
column-loss scenarios have used this same set of model buildings (Foley, Martin and Schneeman 
2007). 
Although the SAC-FEMA pre-Northridge Boston set of structures consists of a three-
story, a ten-story and a twenty-story building, only the three and ten-story structures were used in 
this study. 
2.2 BASIC PROPERTIES AND MATERIAL SPECIFICATIONS 
Moment resisting frames on the perimeter of the structures were used as the lateral load-
resisting system, while the remaining framing was joined with simple shear connections.  
Structural steel members were wide-flange shapes comprised of A992 steel.   
The floor systems were 3‖ thick composite concrete slabs over 2‖ tall 19 gauge steel deck 
with headed shear studs providing composite action and 6x6-W1.4x1.4 welded wire mesh 
reinforcement for temperature and shrinkage control.  The steel deck was connected to the 
supporting beams with puddle welds and the shear studs welded through the deck to the beam 
flange below.  A cross-section of the typical deck and slab profile is shown in Figure 2.1.  The 
concrete was taken to have a compressive strength of f’c = 5 ksi, initial elastic stiffness Ec = 
4,000 ksi, and Poisson’s ration ν = 0.15.  Shear studs were ¾‖ diameter, 4‖ long, spaced at 
12‖along beams and girders and specified as ASTM A108 steel.  Welded wire reinforcement was 
specified as ASTM A615 Grade 60. 
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Nonstructural components such as exterior cladding and interior walls were not included 
in the designs as they were assumed to have negligible influence on the structural behavior and 
performance.  Only the loading resulting from these components was included.  This is typical of 
all structural practice, whether for gravity, wind, or seismic design. 
2.3 LOADING 
A straightforward set of loadings was used for the prototype structures.  A total dead load 
of 63 psf was assumed for occupied floors and 43 psf for the roof level.  These dead loads 
included the deck, slab and additional flooring/ceiling loads and mechanical, electrical and 
plumbing (MEP) loads, as well as 20 psf partition loads for the occupied floors.  Steel framing 
was not included in the dead loads.  Since all structural elements, including the slab, were to be 
modeled explicitly in the finite-element models, the weight of the slab and deck was subtracted 
from the applied loading.  This resulted in a final superimposed dead load of 45 psf for occupied 
floors and 25 psf at the roof (where partitions were not included).  Live loading was taken as 50 
psf, which is typical of office occupancy.  Since the exact roof loads would require identifying a 
specific location to determine snow load, the 50 psf floor loading was also applied at the roof 
level. 
Cladding loads were taken as 25 psf evenly distributed over the exterior wall area of the 
buildings, including a 3.5’ high parapet wall above the roof level. 
Although the original design specifications for each of the prototype structures included a 
penthouse on the roof levels where a higher load was applied, these regions were neglected for 
this project.  Since the goal of this study was not to determine the effect of differing loadings, but 
rather the overall behavior of a structure subjected to a dynamic column-loss event and the effect 
of the lost column location and orientation, it was decided that a uniform loading and structural 
configuration within the building would avoid the undesired affects of these discontinuities in 
loading. 
2.4 GEOMETRY AND STRUCTURAL LAYOUT 
The structural geometry and framing members are presented in this section. 
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2.4.1 Three-Story Building 
The three-story building had a framing plan with 30’ column spacings and 13’ story 
heights.  The floor plan had four bays in the north-south direction and six bays in the east-west 
direction.  Moment frames are the same on all four sides and span three whole bays.  Columns 
are less than 40’ tall, so no column splices are required.  The floor framing plan is shown in 
Figure 2.2, the north-south perimeter frame is shown in Figure 2.3, and the east-west perimeter 
frame is shown in Figure 2.4.  The column schedule is shown in Figure 2.5. 
In the interest of uniformity, the penthouse region of the building originally included in 
the SAC-FEMA plans was neglected, so all interior columns, girders and infill beams were the 
same. 
2.4.2 Ten-Story Building 
The ten-story building had a framing plan with 30’ column spacings.  The lowermost 
story was a basement with a 12’ height, the ground floor had an 18’ story height, and all above 
floors had 13’ story heights.  The floor plan had five bays in each direction.  Moment frames 
were the same on all four sides and spanned the whole five bays on each side, although one end 
of the moment frame in each side was gravity-connected to avoid bi-axial bending in the corner 
columns.  Columns were spliced to keep shipping lengths below 40’ and to allow section sizes to 
change in the interest of efficiency, which resulted in five column lifts for the perimeter columns 
and six for the interior columns.  The floor framing plan is shown in Figure 2.6 and an elevation 
drawing of the perimeter moment frames is shown in Figure 2.7.  The moment frame was the 
same on all sides, with only the location of the pinned-end beams changing (simply due to 
perspective).  If building is viewed from the outside, the pinned-end beams are always on the left 
side of the frame.  This is clearly illustrated in the floor framing plan drawing.  The columns 
schedule is shown in Figure 2.8. 
Again, in the interest of uniformity, the penthouse region of the building was neglected, 
so all interior members were the same. 
2.5 PANEL DESIGNATIONS 
To aid in identifying infill beam connections when discussing analysis, an identification 
system for each panel area in the building floor plans was created.  This system began with 
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naming the north-east panel ―Panel 1,‖ abbreviated as ―P1,‖ and counting up along this row 
toward the south.  At the south end of the building, the numbering continued at the north end at 
the next bay to the west.  This is illustrated in Figure 2.9 for the three-story building and Figure 
2.10 for the ten-story building.  This panel naming system will be used in following chapters 
when presenting results. 
2.6 CONNECTIONS 
There were three primary connections of interest in the prototype structures: flexible 
simple shear connections, fully-restrained moment connections, and column splices.  The source 
data for the prototype structures (FEMA 2000d) lacked detailed connection designs, so design 
calculations were performed to select appropriate connections for use in this project.  They were 
intended to be representative of common structural design in the U.S. for low-seismic regions 
according to pre-Northridge practice. 
2.6.1 Shear Connections 
The type of shear connection chosen for the prototype structures is a common single-
plate, or ―shear-tab‖ connection which features a single flat plate welded to the supporting 
member and bolted to the web of the supported member.  The conventional configuration 
presented in the AISC Steel Construction Manual features a single vertical row of bolts and 
requires that either the plate or beam web be thin enough to allow some minimum bolt bearing 
deformation.  This allows sufficient rotation to prevent end moments of any significant 
magnitude. 
All single plate shear connections in the prototype buildings were designed using ASTM 
A36 plate (the typical grade of steel specified by AISC for plate) and ASTM A325N bolts 
(which are common in typical construction).  The standard detailing dimensions from the AISC 
SCM were used and the upper bolt was located one bolt spacing down from the top-of-steel (3‖).  
The design loads were calculated using LRFD load combinations (ASCE 2005) with the dead 
and live loads introduced previously.  To accommodate the varying shear demands in 
connections throughout the buildings, the plate thickness, bolt diameter, and number of bolts 
were all varied.   
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Based on the required strength, the connections were selected using Table 10-9a of the 
Steel Construction Manual (AISC 2005c). 
A typical shear connection detail is shown in Figure 2.11.  It should be noted that beam 
dimensions and copes will vary from this typical example, depending on beam sizes and 
locations.  All of the connections were designed using the same plate geometry, however, so only 
the number of bolts was varied to achieve the required shear capacity. 
2.6.1.1 Three-Story Building 
The single-plate shear connections designed for the three-story structure used ¼‖ plate 
and ¾‖ diameter bolts for all shear connections.  The required bolt numbers are shown in Table 
2.1. 
2.6.1.2 Ten-Story Building 
The shear connections for the ten-story building were designed using two basic 
variations.  All interior girders and infill beams employed the same connections as the three-
story building (using ¼‖ plate and ¾‖ diameter bolts), while shear connections for all perimeter 
framing used 7/16‖ plate and 1‖ diameter bolts.  The thicker plate and larger bolts were required 
to resist the greater shear demand imposed by the larger beams in the moment frames.  The 
required bolt numbers are shown in Table 2.2. 
2.6.2 Moment Connections 
Directly welded flange moment connections were designed for the moment frames in the 
prototype structures.  These consist of the flanges of the connected beam being directly welded 
to the supporting column with full-penetration groove welds.  The geometry for the weld access 
holes was specified according to FEMA-350 (FEMA 2000a), although the details of this 
geometry were not important for the results of this research, since localized stresses were not a 
focus.  Column stiffeners were also designed to resist the local flange forces from the moment 
frame beams.  At edges of moment frames, only half-depth stiffeners were required, while full-
depth stiffeners were necessary for columns with moment connections on both sides.   
The same type of single-plate shear connection that was designed for the shear-only 
connections in the structures was also designed for the moment connections (as described in the 
preceding section).  The beam web was specified to be cut ½‖ short of the projecting flanges 
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(and hence the column face) to maintain the typical offset gap for shear connections.  The only 
difference from the gravity-beam connections was that the shear connection was centered in the 
height of the beam rather than biased towards the top of the beam. 
Additionally, for shear connections within moment connections, the shear demands were 
computed using the controlling LRFD combination of the gravity loads and the end shear 
resulting from the probable plastic moment according to special moment frame design (AISC 
2005a).   
A typical moment connection is shown in Figure 2.12.  The number of bolts required for 
the shear connections are shown in Table 2.1 for the three-story building and Table 2.2 for the 
ten-story building along with the numbers of bolts for the shear-only connections.  It should be 
noted that beams in the moment frame bays of the ten-story building with a moment connection 
at only one end (and a shear-only connection at the other) require fewer bolts than beams with 
moment connections at both ends.  This is due to the lesser shear demand from the SMF plastic 
moment only occurring at one end, rather than both ends. 
2.6.3 Column Splices 
Except for the three-story building, which was short enough that columns could be 
specified in one lift, splices were required to connect column lifts up through the height of the 
building. 
Before the connection details were designed, it was determined that detailed behavior at 
the column splices was not desired, so they were not explicitly designed.  It was anticipated that 
simple tie constraints would be used in the finite-element model to connect the column sections 
for which detailed connection geometry is not required. 
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CHAPTER 2 TABLES 
Table 2.1: Shear connection details for the three-story building 
 
Table 2.2: Shear Connection details for the ten-story building 
 
Location Connected Member Number of 3/4" A325N bolts
Perimeter Beam W16x26, W14x22 2
Infill Beam W18x35 3
Perimeter Girder W21x44 3
Interior Girder W21x68 5
2nd Floor Moment Frame W18x35 4
3rd Floor Moment Frame W21x57 5
Roof Level Moment Frame W21x62 5
Shear Connection Details, Three-Story Pre-Northridge Boston
Location Connected Member
Infill Beam W18x35
Interior Girder W24x68
Both Ends Moment-
Connected
One End Moment-
Connected
Ground Floor Moment Frame W24x76 5 4
2nd Floor Moment Frame W36x135 11 6
3rd Floor Moment Frame W33x118 9 5
4th Floor Moment Frame W30x116 8 5
5th Floor Moment Frame W30x116 8 5
6th Floor Moment Frame W30x108 8 5
7th Floor Moment Frame W30x99 7 5
8th Floor Moment Frame W27x94 6 4
9th Floor Moment Frame W24x76 5 4
Roof Level Moment Frame W24x76 5 4
Number of 1" A325N bolts
3
5
Shear Connection Details, Ten-Story Pre-Northridge Boston
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CHAPTER 2 FIGURES 
 
Figure 2.1: Typical composite steel deck and slab cross-section (Vulcraft 2008) 
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Figure 2.2: Floor framing plan used for the three-story building 
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Figure 2.3: Framework elevation for the three-story building along column lines A and G, looking 
West 
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Figure 2.4: Framework elevation for the three-story building along column lines 1 and 5, looking 
North 
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Figure 2.5: Column schedule for the three-story building 
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Figure 2.6: Floor framing plan used for the ten-story building 
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Figure 2.7: Framework elevation for the three-story building for all perimeter frames 
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Figure 2.8: Column schedule for the ten-story building 
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Figure 2.9: Floor plan panel designation system for the three-story building 
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Figure 2.10: Floor plan panel designation system for the ten-story building 
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Figure 2.11: Typical shear connection geometry 
 
Figure 2.12: Typical moment connection 
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CHAPTER 3 -  FINITE ELEMENT MODELS AND ANALYSIS 
3.1 INTRODUCTION 
The focus of much of this research is on behavior that cannot be captured from simple 
frame-element analytical models, even if they were constructed in three dimensions.  The 
detailed connection response (bolt-by-bolt forces and deformation) as well as the demand on the 
composite steel deck and concrete slab require a more complex model.  Additionally, the 
dynamic nature of column-loss requires full explicit dynamic analysis of the structure following 
a sudden column loss.  This necessitates an accurate distribution of inertia throughout the model.  
These requirements led to the use of finite element models utilizing shell elements for nearly all 
members in the model buildings with nonlinear connector elements at the connections and 
numerous tie and coupling constraints. 
3.2 ANALYSIS SOFTWARE AND METHODOLOGY 
Abaqus finite-element analysis software was selected for all modeling aspects of this 
project.  It is a general-purpose finite-element commercial package and was chosen for its ability 
to model all necessary types of materials and behavior and the ability to perform full explicit 
dynamic time-history analysis.  Abaqus/CAE was used for all pre and post-processing and the 
Abaqus/Explicit analysis engine was used to run the dynamic analyses.  Version 6.8 of Abaqus 
was used (Simulia 2008). 
3.2.1 Units, Mass, and Loads 
Abaqus is a unitless analysis program, so a consistent system of units must be employed 
by the user.  Units of kips and inches were used for all analysis in this project.  Since the 
simulations to be carried out were explicit dynamic analysis which requires the inertias to be 
accurately modeled, all densities were specified in mass per unit volume and applied loads were 
specified as nonstructural masses.  A uniform gravitational field was then applied to the entire 
model to generate the forces within the model.  In keeping with the kips and inches unit 
convention, densities were specified in kip-s
2
/in
4
, nonstructural masses were defined in  kip-
s
2
/in
3
, and the acceleration due to gravity was 386.4 in/s
2
. 
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3.2.2 Nonlinearity 
Abaqus was chosen largely due to its ability to accurately carry out advanced nonlinear 
analysis, which incorporates geometric and material nonlinearities.  Material nonlinearities were 
included by using metal plasticity models and concrete cracking models (which are discussed in 
a later section) and nonlinear connection behavior was also modeled explicitly using connector 
models in Abaqus.  Geometric nonlinearity was modeled using the capabilities of Abaqus to 
account for second-order effects.  This allows accurate modeling of buckling behavior, including 
inelastic column buckling (Lim and Krauthammer 2006). 
3.3 FINITE ELEMENT SELECTION AND COMPONENT GEOMETRY 
Since most components in a steel structure have much greater in-plane dimensions than 
through-thickness dimensions (e.g. beam flanges and webs are much wider than they are thick), 
they can be well-represented by shell finite elements.  While solid (brick) finite elements would 
provide the most accuracy, they are computationally much more expensive and have been found 
to offer little improvement in overall results for modeling (Sadek, El-Tawil and Lew 2008).  
Shell elements where thus chosen almost exclusively to model the structural components of the 
prototype buildings.  In the Abaqus models, S4R and S3 elements were used for all shell 
elements.  The quadrilateral S4R elements were used predominantly with triangular S3 elements 
used only sparingly in some components with complex geometry, solely to prevent distorted 
elements. 
3.3.1 Beam and Column Geometry 
The structural geometry for the prototype buildings provided dimensions between 
member centerlines.  For frame-element models, this is sufficient to construct the analytical 
models.  When considering the three-dimensional nature of each component, as was considered 
in this research using shell element models, more detailed dimensions are required.  The plan 
dimensions from the prototype buildings were taken as the centerline dimensions for beams, 
girders and columns located in plan.  In elevation, the floor-to-floor heights were taken from the 
top-of-steel, or the top surface of the beams and girders.  All beams and girders were located so 
the top surface of the top flange was at the same floor elevation. 
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While shell elements capture membrane and bending behavior according to the specified 
material thickness, they do not have through-thickness behavior, so the physical thickness is not 
modeled.  This requires choosing the dimensions of the modeled members to best represent the 
true physical geometry.  For the case of the wide-flange sections modeled in this project, the web 
was modeled at the centerline of the web of the physical member and the flanges were modeled 
at their outer dimensions (at the farthest outer fiber), with an offset in the section definition 
applied to the flanges that shifted the actual behavior to the correct centroid of the flanges.  This 
is shown in Figure 3.1.  The overlapping area denoted by orange double-hatching is recognized 
by Abaqus and automatically adjusted so that no area in the cross-section is counted twice.  
Defining the shell element cross-sections using the overall dimensions of the members allowed 
the geometry and distances between flanges of members to be accurate while still retaining the 
correct behavior. 
Since local flange and web bending were not as important as the overall section bending, 
only 3 section integration points were used through the thickness of web and flange sections.  
The Simpson integration rule was used. 
All columns within the structure were modeled extending from the location of the column 
base plate to 16‖ above the top of the actual surface of the concrete at the roof level (21‖ above 
the top of the roof framing steel).  In an actual structure, this extension may vary based on 
column location (interior or perimeter), the cladding system and the location of any penthouses 
on the roof.  Since these constructional details were not important for this research, this nominal 
extension was used simply to avoid any local column web failure due to loads from the beams 
framing into the columns at roof level. 
3.3.2 Removed Column 
To simplify altering models for different column-loss scenarios, all columns were 
modeled with a break shortly below the second story.  In each model, the column that was to be 
―lost‖ in the analysis had this portion omitted from the ground level.  For the remaining intact 
columns, the lower portion was joined to the upper portion with a tie constraint which fixed the 
coincident nodes of both portions together, forcing them to share translations and rotations.  This 
resulted in the same behavior as if the columns were modeled as a single meshed part. 
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In the three-story building, where column bases were located at ground level, this missing 
portion was 10’ long, extending from the base to a point approximately 3’ below the top of the 
second-story steel.  This left enough of the column below the connections at the second-story to 
ensure that they would not be adversely affected by removal of the column.  This is illustrated in 
Figure 3.2 for the three-story building for the case of column C1 loss where the splice between 
the lower and upper portions can also be seen for intact columns. 
The ten-story building included one basement level, so the ground-level story was at the 
first level of floor framing.  In this case, a column section similar to the one described for the 
three-story building was removed, only this time between the ground-level framing and the 
second-level framing.  The missing portion was 13’ long, extending from a point 1’ above the 
ground-level framing to a point 4’ below the second-level framing.  The longer length extending 
below the top of the second-level framing was required in the ten-story building because the 
framing was deeper.  This is shown in Figure 3.3 for the case of column A1 loss. 
3.3.3 Slab and Deck Geometry 
The most accurate and realistic model for the steel deck would use solid or shell elements 
to represent the true geometry of the deck, including the flutes.  The concrete slab would then be 
modeled using solid elements and would fill the troughs of the deck as well as the thickness 
above the deck.  This model would capture nearly all of the geometry shown in Figure 2.1.  This 
approach, however, would incur significant computational demands, and since only the overall 
strength and stiffness of the slab and deck system were important, it was decided to use two flat 
shell element layers, one for the steel deck, and one to model the concrete slab above it.  This 
illustrated in Figure 3.4, which shows the actual geometry, the shell element geometry as 
included in the Abaqus model and the behavior of the shell element layers with the effective 
thickness and centroid locations of each layer.  By using flat shell element layers, the concrete in 
the troughs of the fluted deck could not be directly represented.  In the direction parallel to the 
axis of the deck flutes, the concrete thickness could be taken as the average of the cross-sectional 
thickness, but in the direction perpendicular to the flutes, using an average thickness would not 
be realistic since the thinner regions (having only the concrete thickness above the deck) must 
carry all of the force.  It was decided that simply neglecting the concrete in the deck flutes would 
be sufficient for the behavior needed in this project, so the thickness applied to the concrete slab 
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shell element layer was 3‖, the total thickness above the deck.  The centroid of this layer was 
located at the centroid of the portion of concrete above the deck, which captured the actual offset 
distance of the modeled concrete from the floor framing.  This offset was 3.5‖ from the floor 
framing. 
In the deck, local bending was expected to be insignificant in comparison to membrane 
forces, so only three section integration points were used through the thickness in the interest of 
computational efficiency.  The Simpson integration rule was used for the deck.  In the slab, 
bending behavior was expected to be important, especially considering the tensile cracking 
behavior used for the material model.  In order to better capture the through-thickness 
performance of the concrete slab, five section integration points were used with the Gauss 
integration rule. 
Steel reinforcing mesh was included in the slab by defining a smeared rebar layer in the 
concrete shell element layer.  This allowed a simple means of capturing the global influence of 
the reinforcement with minimal computational cost. 
As the steel deck was modeled as a flat layer, it was located at the centroid of the actual 
steel deck, which was the midpoint between the top and bottom of the flutes.  The stiffness 
properties assigned to this approximate flat deck layer were calibrated to that of the actual deck 
behavior.  This is further discussed in a later portion of this document.  The actual steel thickness 
was applied to the approximate flat shell element deck model, which results in a slight 
underestimation of the total weight of the actual deck, but this was considered to be insignificant 
relative to the overall loading. 
In keeping with the simplified model of the deck and slab, no joints or splices in the deck 
were considered; the deck and slab layers at each floor level were constant and continuous 
throughout the entire floor.  At edges of the structure, the concrete slab and underlying metal 
deck were extended 12‖ beyond the framing centerlines.  This was done at all edges of the model 
(both actual edges of the prototype structures and edges where the models were truncated). 
Holes were cut in the steel deck at all column penetrations.  The holes were rectangular, 
corresponding to the dimensions of the penetrating column.  No holes were cut in the concrete 
slab for penetrating columns because the compressive strength of the slab through the column in 
both directions was desired.  In the actual structure, the slab would be poured around the 
columns, resulting in only the cross-sectional area of the column displacing concrete, but since 
 45 
 
the columns were modeled using shell elements with no geometric thickness, this could not be 
directly represented.  Additionally, only the overall transfer of force in the slab through the 
column was desired, so the lack of actual interface behavior between the slab and column was 
deemed to be unimportant. 
3.3.3.1 Significant Limitations of the Deck and Slab Models 
It should be noted that the use of thin shell elements to model the concrete slab does not 
allow the out-of-plane shear behavior or strength to be modeled.  This choice was justified, 
however, by the fact that shear capacity in slabs forming a composite system with steel framing 
is rarely important or considered. 
As the deck was modeled as a single uniform mesh, the weaknesses of the splices present 
in the deck of the physical buildings were not included.  A more realistic model would 
incorporate some means of modeling the effect of splices, as they are typically unable to develop 
the full capacity of the deck itself.  For this research, however, it was judged that including 
complexity of this degree was not consistent with other modeling assumptions.  Post-analysis 
assessment of the deck demands was done to identify cases where splice locations may be 
problematic 
3.3.4 Total Model Geometry 
Abaqus structural models were constructed using the steel framing, deck, and slab 
geometry described previously.  All local dimensions and geometric details (such as connections, 
which will be described in following sections) were included to give the most realistic model 
possible.  An example of the completed geometry for an Abaqus model is shown in Figure 3.5, 
for simulation of the loss of column A3.  It should be noted that only a portion of the structure 
was modeled, which is also discussed in following sections. 
3.4 MATERIAL PROPERTIES AND CONSTITUTIVE RELATIONS 
All components which were modeled physically were assigned their true density and 
some form of nonlinear behavior.  As described in the preceding chapter, A992 steel was 
specified for all wide-flange beams and columns, A36 steel was specified for miscellaneous 
plates, steel deck conformed to ASTM A653, and concrete reinforcement was specified as 
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ASTM A615 Grade 60.  The concrete used for the composite slab was normal-weight concrete 
with a cylinder crushing strength (f’c) of 5,000 psi. 
The densities of all materials used are shown in Table 3.1. 
3.4.1 Beams and Columns 
The beams and columns were comprised of A992 steel, with initial elastic behavior 
defined using the elastic modulus and Poisson’s ratio as shown in Table 3.2.  A piece-wise linear 
stress-strain curve was used to define the plastic region using coupon test data (Fahnestock, 
Sause and Ricles 2006).  This curve is shown in Figure 3.6, denoted as ―ASTM A992 Steel.‖ 
3.4.2 Moment Continuity Plates and Extended Shear Tabs 
For miscellaneous plate sections used as column stiffeners at moment connections 
(moment continuity plates) and plates for extended shear tabs, ASTM A36 steel was used, as is 
typical of standard steel construction practices. The initial elastic stiffness properties are shown 
in Table 3.2 and a piece-wise linear stress-strain curve was used to define the plastic region 
based on coupon test data (Peng 2001).  This curve is shown in Figure 3.6, denoted as ―ASTM 
A36 Steel.‖ 
3.4.3 Steel Deck 
The steel deck was specified as ASTM A653, which is the standard material grade for 
steel galvanized deck.  The initial elastic properties are shown in Table 3.2.  Again, a piece-wise 
linear stress-strain curve was used to define the plastic region based on coupon test data (Avci 
2002).  The data used was a simplified shape taken from the ―2VLI-GAGE18‖ test data.  This 
curve is shown in Figure 3.6, denoted as ―ASTM A653 Steel Deck.‖ 
As a result of using a flat shell element layer to represent the corrugated steel deck, an 
anisotropic stiffness model was necessary to accurately capture the difference in in-plane 
stiffness from the flute-parallel and flute-perpendicular directions.  This was done by 
constructing a 10’x10’ patch section of the actual deck comprised of shell elements and 
measuring its response to the three fundamental in-plane membrane loading cases: pure axial 
tension in the flute-parallel direction, pure axial tension in the flute-perpendicular direction and 
pure in-plane shear.  The model geometry and mesh is shown in Figure 3.7.  The model was 
constrained in its planar orientation.  The stiffness components in each direction were then 
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computed using fundamental mechanics theory and used to construct an orthotropic stiffness 
matrix.  This, in effect, ―smeared‖ the stiffness of the physical deck across the approximate flat 
deck model.  Typical isotropic values were used for parameters related to the out-of-plane 
direction since they are required in the Abaqus material model.  These are not used when applied 
to planar shell elements such as the steel deck, however, as out-of-plane thickness behavior is 
neglected. 
An equivalent-sized patch of the approximate flat model using the orthotropic material 
stiffness matrix was then analyzed with same fundamental loadings as the model with the actual 
geometry.  A relatively fine mesh was used for both models to ensure accurate results.  The mesh 
for this model is shown in Figure 3.8.  The final flat deck model using the orthotropic stiffness 
matrix was able to closely match the elastic deformation of the model which included the actual 
deck geometry, verifying the derivation.  This final material stiffness matrix is given in Figure 
3.9. 
Using the orthotropic stiffness matrix with the flat deck model and the previously-
described yielding and plastic behavior resulted in inaccurate post-yield behavior.  Attempts 
were made to define anisotropic yield using a formulation of Hill’s potential function in Abaqus, 
but these resulted in potential ratios that violated the convex yield surface requirement in Hill’s 
potential function.  As a final solution, a perfectly-plastic isotropic yield point of 30 ksi was 
used.  This was a compromise between different yield forces in each direction, and it provided 
somewhat conservative behavior (i.e. the plastic strength of the approximate deck model was less 
than the plastic strength of the more accurate model).  It should be noted that this 30 ksi yield 
definition cannot be directly correlated to the yield stress in the deck, since the geometry and 
stiffness are smeared behaviors.  In fact, no stresses in the flat deck model have direct physical 
meaning, however, they can be used to qualitatively assess the demands on the deck and 
determine roughly when yielding behavior has been reached. 
3.4.4 Steel Reinforcing Mesh 
Welded wire reinforcing mesh was specified in the concrete slab according to the ACI 
318-09 (ACI 2008) minimum requirements for temperature and shrinkage control.  Standard 
ASTM A615 Grade 60 steel was used with a linear-elastic-perfectly-plastic material model.  The 
initial elastic properties are shown in Table 3.2.  Due to the simplistic nature of the reinforcement 
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model (in a smeared rebar layer within the slab shell element layer), it was decided that a more 
complex material model was unnecessary.  The yield stress was specified as 60 ksi and the 
behavior is shown in Figure 3.6. 
3.4.5 Concrete Slab 
As previously discussed, the concrete slab shell element model was greatly simplified 
compared to a more accurate solid-element model.  Two primary concrete models are available 
for use in Abaqus/Explicit.  The first is a damaged plasticity model that gives detailed behavior 
including tensile cracking, compressive crushing, and material degradation due to imposed 
loading.  The second is a simple brittle cracking model that employs linear-elastic compressive 
behavior and cracking tensile behavior with tensile stiffening.  Since the shell element model 
would not be able to capture the detailed slab deformation and since tensile cracking was 
expected to be the dominant behavior in the concrete, the simpler brittle cracking model was 
selected. 
Tension stiffening is used to represent the increase in average stiffness of reinforced 
concrete after it has cracked.  At cracks the concrete cannot carry any tensile stress, so only the 
steel reinforcement provides stiffness and strength.  Between cracks, however, the concrete will 
carry some tensile stress and thus increases the overall stiffness of the concrete.  Since the brittle 
cracking model is a ―smeared crack‖ model which averages the behavior of cracked concrete 
across elements rather than modeling discrete cracks, this relationship provides a realistic model 
of the actual overall behavior.  Tension stiffening was specified so that tensile strength in the 
concrete drops linearly from the cracking strength to zero at a strain of 0.001 beyond cracking. 
The peak tensile capacity was calculated according to ACI 9.5.2.3 (ACI 2008), which 
estimates the cracking stress at the extreme tensile fiber in bending.  Since cracking in the 
concrete slab was expected to be a result of bending, this provided a good estimate of the tensile 
behavior.  The resulting peak tensile stress was 53 psi. 
The brittle cracking model in Abaqus/Explicit allows only a linear elastic stiffness in 
compression.  The initial elastic tangent modulus for normal-weight 5 ksi concrete is 4000 ksi 
according to ACI 8.5.1 (ACI 2008).  However, for normal-strength concrete, such as 5 ksi 
concrete, the secant stiffness at the peak strength is typically about one-half the initial tangent 
modulus (Collins and Mitchell 1991).  As such, representing the entire pre-peak behavior with 
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the initial tangent modulus is not realistic considering the softening behavior, but using the 
secant modulus at peak strength would underestimate the stiffness throughout the entire pre-peak 
region.  It was decided that the most accurate stiffness throughout the entire pre-peak region 
would be one which resulted in a minimum average error in stress throughout strain values in the 
pre-peak stress region.  An equal-area approach was used to derive this, where the net integrated 
area between the adjusted linear curve and the more realistic concrete stress-strain curve would 
be zero.  This method is illustrated in Figure 3.10.  In this case, the Modified Popovics quadratic 
model (Thorenfeldt, Tomaszewicz and Jenson 1987) was used to represent the ―accurate‖ 
concrete behavior.   
Using the equal-area method, the final equivalent elastic stiffness was calculated to be 
2287 ksi, which is shown in Table 3.2 along with the Poisson’s ratio used.  The full concrete 
constitutive relation reflecting both the tensile and compressive behavior is shown in Figure 
3.11. 
3.5 CONNECTION MODELS 
There were two basic types of beam-column connections in the structures modeled for 
this project: flexible simple shear connections and fully-restrained moment connections.  The 
simple shear connections where designed as single-plate shear tab connections and the moment 
connections were designed as directly welded flange moment connections with single-plate shear 
connections in the web. 
3.5.1 Shear Connection Tension Models 
Most of the connections within the prototype structures were simple shear connections.  
In design, they are expected to carry only vertical shear forces and are modeled as friction-free 
pins when considering end rotations due to bending.  In reality, they have some rotational 
stiffness, albeit small (which results in small end moments due to beam deflection and frame 
sway), and some ability to carry axial force.  Since a significant focus of this research was the 
assessment of the capacity and robustness of shear connections in atypical loading conditions, it 
was necessary to have a reasonably accurate model of the actual behavior of shear connections to 
all three in-plane force components (shear, moment, and axial force). 
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An example of a shear connection designed for the three-story structure is shown in 
Figure 3.12a.  These geometric details were represented as accurately as possible in the Abaqus 
finite element models when creating the shell-element geometry, including all clearances and 
copes.  A screenshot of the geometry of a typical beam-to-girder shear connection as modeled in 
Abaqus is included in Figure 3.13. 
The connections that were designed to resist the factored end reactions due to gravity 
loads (as discussed in Chapter 2) were also analyzed for their tensile strength using the 
appropriate limit states for bolted connections.  It was found that bolt shear and bolt bearing in 
the plate were the controlling limit states for the specific connections designed for the prototype 
structures.  For the bearing limit state, only the tear-out strength was used, as the hole ovalization 
portion is not considered to be a requirement in extreme loading (Gustafson 2009).  According to 
these calculations (and example of which is included in Appendix A), the controlling limit state 
was bolt shear failure, with the bolt bearing (tear-out) strength just slightly higher. 
3.5.1.1 Bolt Shear Model 
Although bolt shear controlled according the AISC specification, the actual bolt shear 
capacity for single-shear plate connections in axial tension can be increased, since the nominal 
ultimate shear stresses for structural bolts in Table J3.2 in the AISC Specification (AISC 2005b) 
have been reduced to account for the non-uniform distribution of shear stress along bolts in 
connections with more than two bolts along the line of force (Kulak, Fisher and Struik 1987).  
When axial tension is applied to the shear connections in this structure, there is only one bolt line 
along the line of force, since the connections include only one vertical row of bolts. 
In order to obtain a more realistic shear capacity for the bolts, data from a typical bolt 
shear test was used (Kulak, Fisher and Struik 1987).  It is shown in Figure 3.14.  The data is for 
bolts in the X-condition (bolt threads excluded from the plane of shear), while the bolts in the 
shear connections for the prototype buildings were assumed to be in the N-condition (threads 
included in the plane of shear), so an appropriate reduction of 0.8 to the stress values was made 
(Frank and Yura 1981) to account for the reduced area of the threaded portion of the bolts in 
shear. 
A simplified piece-wise-linear curve was generated from the shear stress-deformation 
data, with an approximate descending branch included to represent the complete failure of the 
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bolt.  This curve was then adjusted by the aforementioned 0.8 reduction for the N-condition and 
converted to force versus displacement for the cross-sectional area of the ¾‖ and 1‖ bolts used.  
The final relationships for A325N and A490N bolts are shown in Figure 3.15.  More detailed 
explanation and data is presented in Appendix A). 
3.5.1.2 Bolt Tear-Out Model 
Since the tensile capacity according to the AISC specification was very similar for the 
limit states of bolt shear and bolt bearing (tear-out), a relationship was also developed for the 
axial force-deformation behavior using tear-out as the governing limit state.  An approach was 
used that has been implemented in previous models simulating column loss in steel structures 
with single-tab shear connections (Sadek, El-Tawil and Lew 2008).  The basic behavior of this 
model is shown in Figure 3.16. It assumes an initial elastic stiffness, followed by linear yielding 
until a maximum force is reached.  In compression, this maximum is perfectly plastic for 
increasing displacement, while in tension, the strength decreases linearly to some specified 
failure displacement.  
Detailed calculations were carried out to define the key points on the axial force-
deformation curve, which are included in Appendix A for the ¼‖ plate connections.  The final 
derived axial behavior is shown in Figure 3.17 for both variations of shear connections used.  
This final relationship accounts for the typical increase in yield and ultimate stress in ASTM A36 
plate sections over the minimum values published in the AISC Specification (Fukumoto 2000). 
Unless mentioned otherwise, the bolt tear-out model was used for all tension behavior of 
bolted shear connections in the finite element model, as it was the controlling limit state once 
actual material strengths were considered.  Any models using the bolt shear model were analyzed 
only to compare the effect of changing the ductility of the tension behavior of shear connections 
on the overall structural response. 
3.5.2 Shear Connection Shear Model 
Although the principle interest regarding the connections was the axial tension behavior, 
some type of shear flexibility was needed to represent the behavior under high shear load and to 
avoid an artificial binding moment at large rotations.  Since the bolt bearing mechanism was 
already identified as the governing case for tension, it was also applied in the shear direction, 
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however, without the degrading behavior.  The behavior was defined simply as perfectly-plastic 
in both the positive and negative shear directions.  Although this is an approximation of the true 
shear behavior, it is adequate since tension behavior dominates.  This behavior is shown in 
Figure 3.18 for both variations of shear connections used. 
3.5.3 Limitations of Bolted Connection Models 
While the models developed for the bolted shear connections included realistic behavior 
in both primary directions of interest (connection tension and connection shear), the behavior in 
these two directions was uncoupled.  This uncoupled behavior was reasonable for the cases 
where the bolt tear-out model was used for the connection tension limit state, since the limiting 
strength in the shear direction was much higher for the prototype connections.  The only 
potential shortcoming is that it was possible for the vector resultant connector element force 
(from both shear and tension) to exceed the bolt shear capacity.  In the cases where bolt shear 
was the governing limit state modeled, it was unlikely for both shear and tension forces on the 
connector elements to be high simultaneously, so this uncoupled behavior was maintained.  The 
vector resultant of the connector element forces were then checked during post-processing to 
ensure that the bolt shear capacities had not been exceeded.  Unless the bolt strengths were 
exceeded, the results of this check are not discussed in the results. 
3.5.4 Shear Connection Flange Binding Model 
Since the connections were expected to deform significantly during the column-loss 
scenarios, a means to capture the contact forces resulting from the beam flanges at a connection 
coming into contact with the supporting member was necessary.  Rather than use complex and 
computationally intensive contact definitions, a simple connector element with a rigid ―stop‖ 
behavior was included in the Abaqus finite element models.  The element connected all beam 
flange nodes to the corresponding location on the supporting member where they could come 
into contact.  The connector was defined so that it allowed free motion in all directions until the 
gap between the flange and supporting member was closed, upon which compressive force in the 
longitudinal direction of the beam could be carried.  These ―stop‖ springs were included at all 
nodes at beam flange ends in order to most accurately represent the binding behavior and force 
transfer between members.  The geometry of a model shear connection between a W18x35 infill 
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beam and W21x68 girder which includes these binding elements is shown in Figure 3.12b as an 
example. 
3.5.5 Moment Connection Models 
The moment connections were designed for the prototype structure as directly welded 
flange moment connections with single-plate shear connections in the center of the beam web.  A 
typical moment connection design of this type is shown in Figure 2.12. 
The geometry of the finite-element models sought to approximate the physical 
connection as accurately as possible.  The weld access cut-outs in the beam web were included in 
the model, but they were approximated roughly since detailed stress values in this region of the 
connection were not required and overall forces and deformations were of most interest. 
3.5.5.1 Moment Connection Flange Model 
Directly-welded flange moment connections join the beam flanges to the column with 
complete-joint-penetration welds, effectively fusing the entire beam flange to the column.  Thus, 
the beam flanges are assumed to be rigidly connected to the column.  Modeling this was 
achieved by using a straightforward approach of meshing the column flanges such that there 
were nodes that directly corresponded to all nodes at the end of the beam flanges.  These 
coincident nodes were then tied together with all degrees of freedom constrained. 
3.5.5.2 Moment Connection Shear Connection Model 
For the single-tab shear connections included in the moment connections, the same model 
was used as for the shear-only connections.  The only difference was the geometry of the 
connection, where the shear plate was centered in the beam web rather than biased towards the 
top of the beam web as in the shear-only connections.  As discussed in Chapter 2, shear 
connections in moment frames (including the shear-only end of one-sided moment bays) for the 
ten-story building featured thicker plate and larger diameter bolts than the moment connections 
in the three-story building, which necessitated using connector elements with higher capacities.  
Behavior for both is shown in Figure 3.17 for the bolt tear-out limit state. 
Again, as with the shear-only connections, the bolt tear-out model was used for all 
analyses unless specifically noted otherwise. 
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3.5.6 Column Splices 
As discussed in Chapter 2, the columns in the three-story building were short enough that 
column splices were not necessary.  The ten-story building, however, had multiple column 
splices in each column stack where the column size was changed.  Since detailed behavior at the 
column splice locations was not necessary, a relatively simple connection model was used.  The 
column splices were assumed to have the capacity to develop the full column cross-sections in 
tension, shear, and moment.   
Since the column sizes changed at each splice, sometimes drastically, the sections could 
not be simply be meshed and tied together.  Instead, a kinematic coupling constraint was applied 
across the end of each member at the splice which imposed plane deformation response using the 
node at the center of the web as the master.  These two master nodes at the center of each section 
to be spliced were then rigidly joined.  This allowed all forces to be measured at the column 
splice, which could then be compared to the expected capacity of a typical column splice after 
analysis. 
3.5.7 Shear Studs 
A simplified approach was used to model the shear studs that tie the concrete slab and 
steel deck to the floor framing.  As discussed previously, it was assumed that the structures 
included shear studs at 12‖ centers on all floor framing, making the floor system composite.  To 
simulate this, the deck was meshed with approximately 12‖ square elements for all floors of all 
models.  Tie constraints were then used to rigidly connect the steel deck to the underlying floor 
framing.  The 12‖ node spacing along beams ensured that the appropriate stud spacing would be 
modeled.  The concrete slab layer on top of the deck was meshed with 6‖ square elements and 
then rigidly tied to the underlying steel deck layer.  All layer offsets described previously were 
maintained and included appropriately in the tie constraints.  This had the effect of simulating a 
perfect composite connection between the slab, deck, and floor framing with shear studs at 12‖ 
spacings. 
This simplified approach precluded any modeling of slip or failure of the shear studs, so 
several models were constructed that replaced the tie constraint between the deck and floor 
framing with rigid connector elements in regions near the removed column.  This allowed the 
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forces in the shear studs to be calculated so the assumption that the studs would not be loaded to 
failure could be assessed. 
3.6 BOUNDARY CONDITIONS 
Boundary conditions were necessary at locations where the structure interacted with the 
surrounding environment.  This included the column bases and ground-level framing in the ten-
story building.  Boundary conditions at truncated edges of the finite-element models are 
addressed in a subsequent section. 
3.6.1 Column Bases 
In accordance with typical design practice, the column bases were assumed to be 
connected to the foundation system with steel base plates.  These base plate connections are 
typically flexible for the small rotations imposed by the columns, and are modeled as frictionless 
pins in all three coordinate directions.  This prevents translations in all directions but allows 
rotations in all directions.  This assumption has also been made in other research studies of 
dynamic column-loss scenarios using this same suite of buildings (Foley, Martin and Schneeman 
2007). 
In the Abaqus shell-element model, the pin boundary condition was applied to the center 
node of each column base.  The surrounding nodes at the bottom plane of the column were then 
slaved to this master node using a kinematic coupling constraint in a manner identical to the 
approach taken for the column splices.  This is illustrated in the screenshot of a typical column 
base shown in Figure 3.21.  The orange node at the center of the column is the master node while 
the pink nodes surrounding it are the slave nodes whose translational and rotation degrees of 
freedom are coupled to the master node. 
3.6.2 Ground-Level for Buildings with Basement Levels 
The ten-story building included one below-grade story which resulted in steel framing at 
the ground level.  When constructed, the framing is typically supported laterally by the basement 
wall, so roller boundary conditions were applied at the perimeter columns at ground level.  
Although it could be argued that the basement walls would only provide support for outward 
deflection, the constraints were defined to prevent both inward and outward displacement, as this 
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is the typical design assumption in engineering practice.  Only displacement perpendicular to the 
perimeter framing was constrained: vertical and in-plane translations remained free. 
The specific locations of the roller boundary conditions were the outer column flanges at 
the ground level, which are illustrated in Figure 3.3 for the model used to model the loss of 
column A1. 
3.6.3 Removed Column 
At the column that was to be removed during analysis, similar boundary conditions to 
those used at column bases were applied to the end of the stub extending below the second story.  
The same coupling constraint described previously for the column bases was used to constrain all 
nodes across the end of the column to the center node.  At this center node, a vertical 
translational support was applied to approximate the support of the missing portion of the 
column below it.  Only vertical translation was constrained; translation in both lateral directions 
and all rotations remained free. 
Although this simplified approach to including the removed column did not capture the 
axial shortening of the removed portion of the column, it was calculated to be very small.  
Additionally, several comparisons were made early in the modeling process (for both the three 
and ten-story buildings) which found that the effect of neglecting the axial deformation in the 
missing portion of the column did not have an appreciable effect on the force and moment 
distributions under static load or the behavior after the missing column support was removed.  
Given these results, it was decided that this approach to modeling the removed column would be 
the most straightforward, as the vertical support could easily be removed during analysis. 
3.7 MODEL SIZE 
Physical steel-framed buildings can be built with immense floor plans.  The buildings 
used in this research effort were modest in size, but they were large enough that modeling the 
entire structure for a single column-removal scenario would have required significant labor and 
computational resources. Thus, it was sought to minimize the amount of the structure 
surrounding the removed column that was to be modeled while still maintaining adequately 
accurate results. 
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Several studies were conducted by including varying portions of the structure 
surrounding the lost column. Column A2 was selected in the three-story building because it was 
a perimeter column with a moment frame on only one side, which would result in some lateral 
demand following column loss.  Three models were run: one with the full width of the building 
modeled from column line 1 to 5 that included two bays of depth (from column line A to C), one 
that included the full width but only one bay of depth (from column line A to B), and a final 
model with only one bay of depth and two bays of width (from column line 1 to 3).  All three 
stories were included in each model, and the floor plans are shown in Figure 3.22a through 
Figure 3.22c.  Each model was constrained at the west side with boundary conditions restraining 
only lateral movement in the east-west direction, since none of these models included the east-
west moment frames.  The validity of this assumption was also examined and will be presented 
later. 
Full nonlinear dynamic column-removal analyses were conducted on each of these three 
models with the full loadings and all other details intended for the column-removal scenarios.  
The vertical displacements at the removed column were used to compare results between the 
different models.  All displacements were normalized to the peak response of the model shown 
in Figure 3.22a as it included at least two bays in each direction beyond the lost column (except 
for natural edges of the building) and was considered to have sufficient continuity to represent 
the response of the structure had the entire building been modeled.  These results are included in 
Figure 3.23 and show that the model in Figure 3.22b saw over a 40% increase in displacement 
and the model in Figure 3.22c saw over a 60% increase from the more complete model.  Based 
on these results, it was determined that at least one bay beyond the compromised bay (i.e., two 
bays beyond the lost column) were necessary to accurately capture the continuity of the structure 
during column loss. 
Although it was determined that modeling only two bays beyond the missing column in 
all directions was necessary to give accurate results to the column-removal scenarios, some 
models were used with more than this necessary minimum portion of the structure.  Although 
these models required more computing time than absolutely necessary, they saved modeling time 
because multiple column-loss scenarios could be analyzed with the same basic model.  This is 
illustrated in Figure 3.5 which shows the geometry for analyzing the loss of column A3 in the 
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three-story building, but with relatively little modification, was also used to analyze the loss of 
all other columns along column line A. 
3.7.1 Boundary Conditions at Truncated Edges 
As only a portion of the structure was modeled for each column-loss scenario, most of the 
models did not include significant portions of the moment frames in one direction.  As the 
response following loss of support of the removed column often introduced lateral demands, 
some means of including the lateral support of the moment frames not explicitly modeled was 
necessary.  Due to their differences in height and stiffnesses of the lateral systems, different 
approaches were used in the three and ten-story buildings. 
3.7.1.1 Three-Story Building 
In the three-story structure, three models were selected with variations in restraint in the 
lateral direction, which the moment frames that were not modeled would have provided.  The 
first included simple roller boundary conditions, the second included Euler-Bernoulli (E-B) beam 
elements for the moment frames which were not modeled, and the third added diaphragms at 
each floor to represent the slab between the added moment frames.  These models are shown in 
Figure 3.24, Figure 3.25, and Figure 3.26, respectively.  The displacements were normalized to 
the peak response of the most complete model, that with both east-west moment frames and 
diaphragm (as shown in Figure 3.26).  The vertical response of each structure at the removed 
column was nearly identical for all three models, as seen in Figure 3.27.  The lateral 
displacement of importance (in the plane of the added moment frames), shown in Figure 3.28, 
varied slightly between models.  As the difference between the roller boundary condition model 
and full frame and diaphragm models was only about 10%, the simplified roller model was 
judged to be sufficient.  Resultant forces were also compared for several connections and found 
to differ less than 5% between the roller and full frame and diaphragm model. 
Thus, for all analyses of the three-story building, horizontal roller boundary conditions 
were used in the direction of moment frames that were not completely included in the structural 
finite element model. 
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3.7.1.2 Ten-Story Building 
In the ten-story building, the stiffer lateral system and full perimeter moment frames 
necessitated using E-B moment frames outside the region of full modeling to accurately capture 
the response.  For each ten-story column-loss model, all moment frames beyond the explicitly 
modeled portion of the building were included as E-B beam sections.  This is illustrated in 
Figure 3.29. 
In lieu of using coarse shell elements to represent the floor diaphragms at each floor, a 
node coupling constraint was used to enforce a rigid diaphragm at each floor.  The coupling 
constraint linked only the in-plane translational degrees of freedom and was not applied in the 
vertical direction or to any rotations.  Figure 3.30 shows these coupling constraints with the roof-
level constraint highlighted.  Each node at perimeter beam-column joints was coupled to a single 
master node at a column in the detailed model that was near the centroid of the entire building. 
3.8 LOADING 
The loads applied to the structure consisted of dead load and live load.  Dead loads 
included the weight of the structure as well as superimposed dead loads such as interior 
partitions, flooring/ceiling finishes and MEP systems.  These are described in detail in Chapter 2. 
3.8.1 Load Combinations 
A load combination of 1.0DL + 0.25LL, consistent with ASCE, GSA, and DoD  
recommendations for loading combinations in extreme loading events was used (ASCE 2005), 
(GSA 2003), (DoD 2009).  This is also consistent with common practice in past dynamic 
column-loss progressive collapse research (Foley, Martin and Schneeman 2007), (Khandelwal, 
El-Tawil and Kunnath, et al. 2008), (K. E.-T. Khandelwal 2009). 
3.8.2 Load Application 
All loads were included in the Abaqus models not as forces, but rather as masses.  A 
uniform gravitational acceleration field was then applied to the entire structure which allowed 
both the inertial effects and resulting forces to be fully captured.  In a typical static analysis, only 
external forces and forces resulting from self-weight of the structural components are necessary, 
however, in a dynamic analyses, the inertia of all components is necessary to give accurate 
results.  Even external loads (such as live loads from office furniture, occupancy, etc) contribute 
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mass to the structure as long as accelerations within the structure do not exceed the gravitational 
acceleration.  Since this extreme level of acceleration was not expected to be reached, all loads 
were included as masses. 
All masses from structural dead loads were automatically calculated by Abaqus using the 
structural geometry and the material density definitions.  Remaining distributed floor 
superimposed dead load and live loads were factored and converted to mass per area of the 
appropriate units.  This was then applied as a nonstructural mass to the concrete slab layer.  
Cladding loads were distributed along the lengths of perimeter framing according to their 
appropriate tributary heights, converted to masses and then applied as nonstructural masses 
distributed along the top flanges of perimeter framing. 
3.9 ANALYSIS PROCEDURES 
The column-removal scenarios required two basic steps in the analysis procedure.  The 
first was the initial application of gravity loading to the structure to achieve its static condition.  
The second was the dynamic removal of the column under consideration.  Throughout both 
analysis steps, full material and geometric nonlinear behavior was captured.  Material 
nonlinearity was accounted for in the material models (described previously) and geometric 
nonlinearity was accounted for with the nonlinear analysis option in Abaqus.  This allowed 
global as well as local geometric nonlinearity to be captured including P-δ and P-Δ effects as 
well as local buckling.  It should be noted, however, that no initial imperfections were modeled, 
so buckling and other nonlinear geometric behavior could only be mobilized by perturbing forces 
present in the model.  It was decided that the extreme loading of column-loss was sufficient to 
create these internal perturbing forces sufficient to exhibit any significant and important 
nonlinear buckling behavior. 
Due to the highly nonlinear behavior of some of the models (particularly those which saw 
large vertical displacements at the missing column), Abaqus/Explicit was selected as the analysis 
engine rather than Abaqus/Standard.  While Abaqus/Standard is capable of running an efficient 
implicit time-integration dynamic analysis, it becomes less efficient for large nonlinearity.  For 
highly nonlinear problems (containing either geometric or material nonlinearity), it becomes 
increasingly difficult and eventually impossible to converge on a solution.  After some initial 
studies with analyses in Abaqus/Standard, it became evident that the implicit time-integration 
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approach was not well-suited to the degree of nonlinearity present in some of the column-loss 
scenarios. 
With the implicit time-integration scheme in Abaqus/Standard unable to satisfactorily 
perform the required analysis, the explicit time-integration scheme offered in Abaqus/Explicit 
was used for all analysis.  While some of the analyses, particularly the column-loss scenarios 
where little nonlinearity was present, could have been effectively carried out using 
Abaqus/Standard, it was decided that the same analysis type would be used for all analyses.  This 
both simplified the modeling and analysis process and ensured uniformity between all analyses. 
3.9.1 Application of Gravity Loads 
The first analysis step was application of all gravity loads.  With all loads defined as 
masses, this was accomplished by applying a uniform downward acceleration field to the entire 
model of 386.4 in/s
2
, simulating gravity.  The acceleration field was increased in amplitude 
beginning at zero and increasing to the full magnitude of gravity over a one-second analysis step.  
As discussed below, however, this did not represent a true dynamic time-history of one second. 
Because Abaqus/Explicit was being used for all analysis, but full dynamic simulation was 
not necessary for the application of static-condition gravity loads, mass scaling was employed for 
this analysis step.  Mass scaling increases the mass of each finite element only for the purpose of 
increasing the required minimum time step.  It does not affect the magnitude of forces resulting 
from acceleration fields on defined mass, as those calculations are treated separately (thus it does 
not introduce error to the loads applied as distributed mass).  By increasing the mass in the 
analysis step, it also gives a result more consistent with a static or quasi-static analysis, which 
was desired for this portion of the analysis.  The result is similar to increasing the time of the 
step, but at a far reduced computational cost. 
3.9.2 Column Removal 
After completion of the initial step where gravity loads were applied, a second analysis 
step was used to model the loss of a column.  At the beginning of this step, the mass scaling was 
reset so the analysis in this step would give correct dynamic time-history behavior.  The GSA 
progressive collapse guidelines (GSA 2003) recommend that the support of the column to be 
removed should be degraded linearly over a time approximately equal to 1/10
th
 of the first 
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natural period of the building.  Previous research has found that the actual period over which the 
support is removed has little effect on the overall response of the structure (Foley, Martin and 
Schneeman 2007), so the column removal method used in this project consisted of instantaneous 
removal of the support at the missing column.  This was easily accomplished by deactivating the 
vertical boundary condition at the bottom of the column stub. 
The column-removal step was run for one full second of analysis.  This ensured that the 
peak displacement would be captured if the structure was able to bridge over the failed column.  
It was also a sufficient amount of time to judge whether the structure would experience local 
collapse if it the removed column did not reach a peak displacement. 
3.10 MESH SIZE 
Results from finite element analysis are sensitive to the size of the element used in the 
mesh, so a selective mesh refinement study was conducted to ensure that the chosen mesh size 
was sufficient to ensure accurate results.  The models used in this project were very large, which 
limited the level of mesh refinement that could be done.  Thus, one finer level of mesh 
discretization was studied for the column-loss scenario for column A3 in the three-story building 
and compared to the results from the standard-level mesh discretization described in the 
preceding sections of this chapter.  The element length in all members was cut in half, which 
resulted in approximately four times the number of elements. 
The vertical displacement at the missing column was used to judge the quality of the 
results.  The results were normalized to the peak of the standard mesh model and are shown in 
Figure 3.31.  As the plot demonstrates, the results were nearly identical through the first peak 
displacement and only differed slightly at the top of the first upward return.  Due to the large 
computational demands of the fine mesh model, it was only run for 0.5 seconds beyond column 
loss, as this was sufficient to reach the first peak and return.  When forces at several connections 
to the lost column were compared, they were also found to be nearly identical. 
The change in displacement and forces from the finer mesh discretization were small 
enough to be considered insignificant, so all models used for later analyses were meshed with the 
standard mesh sizes described earlier in this chapter. 
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3.11 OUTPUT 
Output quantities such as connection forces and element stresses were recorded during 
both analysis steps.  During the first gravity load-applications step, output was recorded from the 
model at 0.10 second increments, while during the column-removal analysis step it was recorded 
at 0.005 second increments.  The coarser sampling rate was specified during the load-application 
step to reduce the size of the output files and because only the rough behavior was needed to 
ensure that the model was defined correctly. 
Two types of output are available from an Abaqus analysis: field output and history 
output.  Field output is data associated with nodes and integration points of the elements in the 
model which can be used to create contour plots and other visualizations for individual frames of 
the analysis.  History output is time-history data available from both nodes and elements as well 
as connector sections and other parts of the model that are not associated with the basic mesh.  
This data type is best suited for numerical calculations and plots of behavior and response.  Both 
field and history output was requested at the same sample points throughout the analysis 
described earlier. 
3.11.1 Field Output Requests 
The field output quantities recorded in the Abaqus analyses were: all true strain 
components, all stress components, all translation components, and all rotation components. 
3.11.2 History Output Requests 
History output was primarily used to record behavior at connections and boundary 
conditions.  For bolt connector elements, connector relative displacement, connector relative 
position, connector element axial and shear forces, and connector damage ratios were recorded.  
For weld connector elements, connector element axial and shear forces as well as connector 
moments were recorded.  At column bases, reaction forces in the three translational directions 
were recorded.  At the removed column, the vertical reaction force as well as displacement, 
velocity, and acceleration were recorded in the three translational directions.  These quantities at 
the lost column were measured at the center node at the bottom of the remaining column section, 
which is illustrated in Figure 3.32.  This was the center node which all other nodes at the member 
end were coupled to, as described in a previous section on column base boundary conditions. 
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CHAPTER 3 TABLES 
Table 3.1: Material densities used in all models 
 
Table 3.2: Material elastic stiffnesses used in all models 
 
Material Specific Weight (lb/ft
3
) Mass Density (kip-s
2
/in
4
)
ASTM A36 Steel
ASTM A992 Steel
ASTM A653 Steel
ASTM A615 Grade 60 Steel Reinforcement
Normal-Weight Concrete, f' c  = 5,000 psi 145 2.1716x10
-7
Material Densities
489 7.324x10-7
Material Elastic Modulus (ksi) Poisson's Ratio
ASTM A36 Steel
ASTM A992 Steel
ASTM A653 Steel
ASTM A615 Grade 60 Steel Reinforcement
Normal-Weight Concrete, f' c  = 5,000 psi 2,287 0.15
Material Elastic Stiffnesses
29,000 0.30
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CHAPTER 3 FIGURES 
 
Figure 3.1: Shell element modeling for wide-flange member cross-sections 
 
Figure 3.2: Geometry modeled at a removed column in the three-story building (shown for column 
C1) 
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Figure 3.3: Geometry modeled at a removed column in the three-story building (shown for column 
A1) and location of ground-level roller constraints (highlighted in red) 
 
Figure 3.4: Shell element modeling for the composite concrete slab and deck 
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Figure 3.5: Completed model geometry for loss of column A3 of the three-story building 
 
Figure 3.6: Constitutive relations used for steel components in finite element model 
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Figure 3.7: Mesh and geometry of the physical deck patch model 
 
Figure 3.8: Mesh and geometry of the approximate flat deck patch model 
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D=[
11901 4995 5068.8 0 0 0
4995 40657 13695 0 0 0
5068.8 13695 34629 0 0 0
0 0 0 9248.4 0 0
0 0 0 0 11200 0
0 0 0 0 0 11200
]
 
Figure 3.9: Orthotropic stiffness matrix for the approximate flat deck model (units in ksi) 
 
Figure 3.10: Equal-area method to derive equivalent elastic stiffness 
  Equal Areas 
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Figure 3.11: Constitutive relation used for the concrete slab 
 
Figure 3.12: Example connection and modeling geometry for an infill beam shear connection 
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Figure 3.13: Screen capture of a typical shear connection as modeled in Abaqus 
 
Figure 3.14: Shear behavior of A325X and A490X structural bolts (Kulak et. al. 1987) 
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Figure 3.15: Bolt connector element axial force-deformation behavior for bolt shear limit state 
 
Figure 3.16: Bolt tear-out connection model (Sadek et. al. 2008) 
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Figure 3.17: Bolt connector element axial force-deformation behavior for bolt tear-out limit state 
 
Figure 3.18: Bolt connector element shear force-deformation behavior 
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Figure 3.19: Example connection and modeling geometry for moment connection 
 
 
Figure 3.20: Screen capture of a typical moment connection as modeled in Abaqus 
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Figure 3.21: Screen capture of coupling constraint applied to column bases 
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Figure 3.22: Three model floor plans used for analysis to determine required model size 
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Figure 3.23: Normalized vertical displacement time-history for column A2 removal in the three 
model-size analyses 
 
Figure 3.24: Column A2 removal test model with west rollers 
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Figure 3.25: Column A2 removal test model with west E-B moment frames 
 
Figure 3.26: Column A2 removal test model with west E-B moment frames and simplified slab 
diaphragm 
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Figure 3.27: Normalized vertical displacement time-history for column A2 removal in the three 
truncated boundary-conditions analyses 
 
Figure 3.28: Normalized East-West displacement time-history for column A2 removal in the three 
truncated boundary-conditions analyses 
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Figure 3.29: Perimeter E-B beam moment frames used in the ten-story building models (shown for 
the column A1 removal case) 
 
Figure 3.30: Rigid diaphragm coupling used in the ten-story building models (shown for the column 
A1 removal case) 
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Figure 3.31: Normalized vertical displacement time-history for column A2 removal in the two 
mesh-refinement analyses 
 
Figure 3.32: Location of node where lost column forces and translations were recorded (shown for 
column A1 loss) 
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CHAPTER 4 -  RESULTS OF DYNAMIC COLUMN REMOVAL 
SIMULATIONS 
4.1 INTRODUCTION 
The results and basic discussion of the dynamic column-loss simulations of the three and 
ten-story buildings are presented in this chapter.  The overall behavior and detailed output 
quantities such as connection forces are presented here while more generalized discussion of 
phenomena and trends are left for Chapter 5.  A number of different columns were selected for 
column-loss analysis in each building in an attempt to capture the differences in behavior for 
different column locations, connection types, and relative orientations of framing in the 
buildings. 
The primary point of interest for all analyses was the first peak of the downward 
displacement at the lost column, as this generally represented the time of highest demand on the 
structure.  Most discussion will be focused on this critical point in time during the analysis, 
although peak forces will be taken as the maximum force occurring during the entire analysis.  
The presence of higher-order dynamic effects and localized accelerations meant that not all peak 
forces occurred exactly at the time of peak displacement. 
For the results in this chapter, the forces in bolted shear connections were recorded 
directly from the nonlinear spring elements at the location of each bolt.  When presented, 
aggregate connection forces (such as shear or axial force for an entire connection) were 
calculated by integrating the forces from each connector element across the connection region.  
Forces and local moments at the flanges of moment connections were recorded from the nodes 
attaching them to their supporting columns, which were then summed for each flange.  
Connection moments were then calculated from these couple forces and included the moment 
contribution of the bolted shear connection in the beam webs.  The moment from both the 
welded flanges and bolted web shear connections was computed about the center of the beam 
section. 
Gross connection rotations were calculated from the vertical displacement at the missing 
column and the full bay spacing, neglecting deflections between columns.  It was concluded that 
the effect of these deflections within the span was minimal in comparison to the vertical 
displacement at the missing column.  This simplified connection rotation computation is useful 
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when analyzing the shear connections because they were much more flexible than the connected 
beams and girders, resulting in rotations being concentrated at the connections. 
Connection forces are only presented for connections near the removed column.  Forces 
at connections where data is not included were largely unaffected by the column loss and 
remained at or very near the values resulting from static gravity loading alone. 
In the plots of connection forces and moments, a graphic showing the location of the 
connection being considered and the location of the lost column is included.  The symbols used 
are explained in Figure 4.1. 
For moment connections, moment-axial force interaction demand is plotted along with 
the plastic section yield curve.  A yield stress of 1.1Fy is used (55 ksi) in defining the plastic 
strength.  The flange axial forces are also given and are compared to the theoretical plastic 
capacity for each flange, again using 1.1Fy.  For the single-plate bolted shear connections, the 
axial forces are presented in relation to the theoretical peak uniaxial capacity computed from the 
sum of peak axial strengths of the model used for the bolt elements.  The shear forces are plotted 
along with the shear capacity (Vn) according to the controlling limit state from the AISC 
Specification (AISC 2005b), which is generally block-shear rupture. 
It should be noted that nearly all images of the deformed finite element models include a 
magnification factor on the displacement magnitudes.  This enhances the ability to see 
deformation behavior.  The magnification factor was varied depending on the actual peak 
displacement and is included in each image caption. 
4.1.1 Three-Story Building 
Column removal simulations were carried out for a total of 12 separate columns in the 
three-story building.  These consisted of two corner columns, six perimeter columns, and four 
interior columns.  The large number of columns was chosen to allow results to be compared for 
nearly all unique structural locations involving surrounding continuity and connectivity. 
4.1.2 Ten-Story Building 
Column removal simulations were carried out for a total of four separate columns in the 
ten-story building.  These consisted of one corner column, two perimeter columns and one 
interior column.  A fewer number of column cases were required than for the three-story building 
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as the there was less variation in perimeter framing.  The results of the single interior column-
loss case also closely matched that for the comparable location in the three-story building, 
indicating that other locations would respond similarly, as in the three-story building. 
4.2 CORNER COLUMN REMOVAL IN THE THREE-STORY BUILDING 
Two scenarios of corner column loss in the three-story building were analyzed: column 
A1 and column A5.  Column A1 is located where there are no adjacent moment-connected bays, 
while column A5 is located at the edge of a moment frame.  The displacement results for these 
two column removal cases are shown in Figure 4.2 through Figure 4.4 and the gross computed 
connection rotations are shown in Figure 4.5. 
Data for the loss of column A1 is shown only to 0.40 seconds after column loss, as that 
was identified as the point when the structure had clearly failed with no possibility of bridging 
over the lost column.  This is described in further detail in the following section. 
4.2.1 Performance and Behavior for Loss of Column A1 
The three-story building was not able to bridge over the loss of column A1.  The vertical 
displacement at the missing column did not reach a maximum even at the end of the one-second 
analysis period, when it had reached over 120 inches, which was approaching the entire height of 
the first story.  This lack of robustness was not unexpected, as there were no moment 
connections in either of the two bays adjacent to column A1. 
4.2.1.1 Load Redistribution and General Behavior 
Being a corner column, the only available means of load redistribution was cantilever 
support from the two lines of perimeter framing and, to a lesser extent, cantilever support 
provided by the infill framing as catenary action cannot develop in a corner bay. With no 
moment connections, the shear-only connections were unable to provide the necessary cantilever 
moment capacity, even with the contribution of the steel deck and concrete slab.  While the 
necessary cantilever action could conceivably be created by composite action at the far ends of 
the compromised bays (at columns A2 and B1) by employing the steel framing to provide the 
compressive force for the couple moment and the slab and deck providing the tensile force, this 
did not occur.  The framing was capable of providing adequate compressive force, as sufficient 
connection rotation mobilized binding between the lower beam flanges and supporting columns.  
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The deck and slab, however, did not have sufficient capacity to develop the required tensile force 
to create a couple moment large enough to cantilever out to the lost column.  At a time of 0.40 
seconds after column loss, it was evident this tensile force could not be developed as the steel 
deck had reached its full plastic strength in large regions and the small amount of steel 
reinforcement in the concrete slab was not sufficient to augment the yield strength of the steel 
deck.  Figure 4.6 shows the deck for each of the three floors with significant portions, 
particularly those above the cantilevering beams (A1-B1 and A1-A2) at full yield. 
In order to make useful conclusions on the failure of the structure to bridge over this 
column loss, a point in the analysis at which an unacceptable level of damage had occurred was 
necessary.  This was selected to be 0.40 seconds after column loss where the deck reached 
significant plastification, as described previously.  Since the deck model did not incorporate a the 
reduced strength of splices in the steel deck, this further establishes this point as a limit of valid 
analysis, as it is unlikely that the physical structure would have sufficiently strong splices to 
mobilize extensive plastic straining in the deck. 
Overall, the behavior of each of the three floors behaved nearly identically in terms of 
both displacements and force distributions.  The corner evenly hinged about the far end of each 
adjacent span, as shown by the displacement magnitude contour plot in Figure 4.7.  This 
behavior is also illustrated in Figure 4.8 and Figure 4.9 which shows that the beams remain 
straight while the rotations occur at the connections.  This is expected, as the shear connections 
have much less rotational stiffness and strength than the members themselves.  The stress 
contours shown in these figures also show that the stress patterns are very similar for each floor.  
The remaining portion of the lost column shows very little stress, indicating that each floor 
carries its own weight, with very little, if any, vertical redistribution from floor-to-floor. 
As the structure was not able to arrest collapse of the corner bay, discussion of 
connection forces is not warranted.  Furthermore, with no static point of maximum displacement, 
the forces present during collapse have no meaningful value. 
4.2.1.2 Potential Impact of Collapse 
Although the loss of the corner column led to collapse of the corner panel, it would not 
necessarily cause collapse to propagate further throughout the building.  Though this research 
was not focused on determining the subsequent spread of damage after collapse of an initial 
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section, a cursory study of this column-loss case seems to indicate that the damage would remain 
localized.  Figure 4.10 shows a contour plot of displacement at the end of analysis which 
indicates that displacement was still highly localized in the collapsing corner panel.  The inherent 
weakness of the connections between the members in the affected corner panel and the rest of the 
structure served to isolate the demands from the collapsing portion and prevent them from 
pulling adjacent portions of the structure down with it. Previous research has also observed that 
weak shear-only connections can allow localized collapse that does not propagate further 
throughout the structure (Lim and Krauthammer 2006). 
4.2.2 Performance and Behavior for Loss of Column A5 
Unlike the case of corner column A1, the structure was able to bridge over the loss of 
column A5.  As shown in Figure 4.2, the vertical displacement at the missing column was 
arrested and began oscillating.  The first peak was reached at 0.405 seconds at a magnitude of 
12.45 inches.  As described previously, the first location of maximum downward vertical 
displacement was the critical case for all analyses and will be the focus of discussion of 
demands. 
This drastic difference in behavior of the structure following the loss of column A5 when 
compared to A1 is attributed wholly to the moment frame spanning to column A5 which was not 
present next to column A1.  This moment frame provided the necessary cantilevering capacity 
which redistributed the loads in conjunction with the less significant contribution of composite 
action in the perpendicular girder and parallel infill beams. 
As shown in Figure 4.11, the overall displacement behavior was very similar to the loss 
of column A1, with the corner column falling vertically and the two lines of perpendicular 
framing hinging with it.  The moment frame along column line A, however, experienced the 
rotation via curvature distributed along the beams, as shown in Figure 4.12, while the 
perpendicular shear-connected girder along column line 5 experienced all of its rotation at the 
connections.  The latter is illustrated in Figure 4.13. 
The peak stress in the framing seen in Figure 4.12 and Figure 4.13 was 81.4 ksi, very 
near the peak strength of 84 ksi used for the A992 steel model.  This indicates that there were 
regions of very high material demand.  These peak stresses were primarily located at the lower 
flanges of the moment connections to the south side of column A4.  Although the ultimate stress 
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of 84 ksi was not reached, the peak stress close to this value suggests that local failure could be 
possible, particularly in the welded flanges of the moment connections, which are generally less 
ductile than unaffected base metal.  This will be examined in more detail in a subsequent section 
discussing the moment connections. 
4.2.2.1 Load Redistribution 
The primary load-redistribution mechanism, as mention previously, was cantilever 
capacity provided by the moment frame along column line A.  This is verified by plots of the 
vertical column base reactions in Figure 4.14 and Figure 4.15 which show that the vast majority 
of the load column A5 no longer carried was redistributed to column A4.  Some of the load 
carried by columns A2 and A3 actually shifted to column A4 do to the counterbalancing effect of 
the cantilevered load formerly carried by column A5.  Figure 4.16 presents the load 
redistribution in the form of ratios of peak column base reaction to the base reaction force before 
column loss and Figure 4.17 gives the increase in peak magnitude of vertical force at the column 
base.  As seen in the figures, column A4 saw the highest increase in force with a ratio of 2.09 
and magnitude of 191 kips while column B5 had a force ratio of 1.41 (an increase of 69 kips), 
indicating that composite action transferred some force through the shear-connected girder in 
column line 5, but that this mechanism was not nearly as significant as that of the moment frame 
along column line A.  The remaining columns in the structure saw no more than a 10% increase, 
which was due only to minor dynamic oscillations.  The ratio for column B4 was no higher than 
outlying columns, indicating that load transfer through the infill beams into girder A4-B4 was 
insignificant.  Figure 4.18 helps illustrate the effect of the dynamic forces as it shows that the 
total column base reactions did not remain constant once the column failed.  Thus, when the 
column was lost, the forces that surrounding columns carried was more than the load formerly 
carried by the lost column, as there were additional net inertial forces. 
As the moment frame was the primary load-carrying structure following the loss of 
column A5, it was highly stressed and deformed, which Figure 4.12 visually demonstrates (using 
a magnification factor of 10 to enhance clarity).  Conversely, as the shear-connected girders in 
bay A5-B5 carried little force, they carried little stress and virtually all deformation in this bay 
was accommodated by the relatively flexible bolted shear connections.  The mobilization of the 
moment frame is also evident in Figure 4.19 which shows that significant lateral forces 
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developed at the column bases in the moment frame.  As column A1 had only shear connections 
framing into it, there was no transfer of load, either vertical or horizontal.  The same is true for 
the columns in column line B. 
4.2.2.2 Behavior of Steel Deck 
Unlike during the loss of column A1, the steel deck saw relatively little demand.  The von 
Mises stress contours shown in Figure 4.20 are largely well below the yield definition of 30 ksi.  
Only very localized regions approached yield, and these were more a result of the approximate 
means of tying the deck and slab layers to the framing rather than any real demand imposed by 
the column loss.  This indicates that while there may be some localized yielding, it would not 
impact the overall response or capacity of the structure. 
4.2.2.3 Behavior of Concrete Slab 
Similar to the steel deck, the concrete slab also showed little demand.  There were only 
small regions of compressive demand, as shown in Figure 4.21.  The small amount of 
compression was localized near the corner column where the tensile capacity of the beams 
framing into it allowed limited composite action to develop.  The peak compressive stress was 
3.7 ksi, well below the 5 ksi crushing strength.  Most of the slab in the compromised panel 
simply cracked in tension, as shown in Figure 4.22, where regions in gray have principle tensile 
strains above the cracking strain.  The cracking behavior is visualized in this manner because the 
concrete model employed a smeared crack concept where only regions of cracking were tracked 
rather than individual cracks.  This extensive cracking was expected due to the cantilever action 
of the framing which placed tensile demands on the slab as the corner column dropped. 
4.2.2.4 Behavior of Moment Connections 
As the moment frame provided the most load-redistribution and was highly stressed, the 
moment connections had high demands imposed upon them.  The connections at the south side 
of column A4 were the most highly stressed, followed by those on the north side of column A5, 
and finally those on the north side of column A4.  All moments were within the theoretical 
capacity of the connections, provided that the welded flanges had sufficient ductility to withstand 
the imposed deformations.  The shear forces were also within the capacity of the bolted shear 
connections, but a significant portion of the total end reaction was carried by the flanges. 
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The connections at the south side of column A4 saw the highest demand, as they were 
responsible for the cantilever support of the lost column.  The moment-axial force interaction 
diagram for these connections is given in Figure 4.23 which shows that plastic hinges developed 
at both floors 2 and 3.  It should be noted that the yield stress used for these diagrams was 1.1Fy 
(55ksi), which is very close to the actual yield stress in the model (54.1ksi) and the moment and 
axial forces include the contributions of both the bolted shear connection and welded flanges.  
Only the roof level connection remained elastic, as it was the largest beam section.  Due to the 
presence of the composite slab and deck, however, the moment was not equally distributed 
across the beam cross-section.  The composite action (even though minor in this case, with the 
slab and deck unable to provide much tensile force) shifted the neutral axis upward which 
concentrated the axial force in the lower beam flanges.  This is shown in Figure 4.24 where the 
flange axial forces are plotted along with references to the yield forces for yield of the flanges at 
each floor.  As the diagram shows, the lower flange forces exceeded yield in all floors, while the 
upper flanges only surpassed yield for floors 2 and 3.  The effect of composite action is also 
reflected by the total axial force in the connection, given in Figure 4.25, which shows that the 
connections all saw significant axial compression.  Demonstrating the load-redistribution 
capacity of the moment frame discussed earlier are the shear forces, shown in Figure 4.26.  The 
shear force in each floor was very similar, and all saw a more than fourfold increase following 
the loss of column A5.  The shear forces in all floors exceeded the design capacity of their 
respective bolted web shear connections, but the additional shear was carried in the beam flanges 
which prevented the bolted connections from exceeding the design capacity.  Both the axial force 
and shear force plots include contributions from both the bolted shear connections and welded 
flanges.  Due to the portion of the shear carried in the flanges, appreciable local bending 
moments developed, which are given in Figure 4.27.  As flange bending moments are not 
accounted for in typical connection design, it may be important to consider their effects as they 
increase dramatically following column loss and the shear capacity of the flanges is critical, as 
the shear connections alone do not have sufficient capacity. 
The forces and moments from the south side of column A4 were carried through the 
column to the moment connections on the north side.  As Figure 4.28 illustrates, however, while 
the axial forces were carried through at nearly the same magnitude, some of the moment was 
dissipated into the column, resulting in only elastic demands imposed on these moment 
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connections.  All flange axial forces were also within the elastic range and the increase in shear 
forces were less than twice their pre-column-loss values and within the capacity of the bolted 
web shear connections alone.  These results indicate that the moment connections on the far side 
of a column at the edge of a compromised bay are unlikely to fail before those on the near side. 
Although the cantilevering connections on the south side of column A4 were the most 
highly-stressed, those on the north side of column A5 also saw substantial demands.  This was 
primarily due to restraining moments they provided to the moment beams, allowing them to 
cantilever more effectively.  As the interaction diagram in Figure 4.29 shows, with the lack of 
continuing framing, slab, or deck, composite action was nearly absent and moment dominated.  
This is further illustrated in Figure 4.30 which shows nearly symmetrical flange couple forces.  
As seen in both figures, only the smallest beam in floor 2 exceeded yield.  When compared to the 
connections at the other end of this bay, the axial force increases were insignificant, while the 
shear force reversed direction and peaked at about a twofold increase over the pre-loss static 
value.  The peak shear forces were within the capacities of the bolted webs shear connections 
alone, as shown in Figure 4.31.  The reversal in shear was necessary to equilibrate the reversal in 
moment following the column loss. 
4.2.2.5 Behavior of Shear Connections 
Although the moment frame was subjected to the highest forces, the gravity-connected 
members in the compromised panel were also stressed.  The gravity connections to the girders in 
bay A5-B5 saw the highest load, as they aided in transferring some of the load from the 
compromised panel back into column B5, but the connections to the infill beams in this panel 
also saw increased loads following the column loss. 
The shear connection at the west side of column A5 was initially in compression before 
the column loss (due to composite negative moment resulting from composite fixity), but this 
reversed to tension upon column loss, as a positive composite moment develops.  This tension 
force, shown in Figure 4.32, was significantly below the capacity of the connection, as the 
composite action that could develop at the edge of the structure was limited. 
At the opposite end, on the east side of column B5, the shear connections to the girders 
were subjected to higher demands as they provided cantilever support out to the compromised 
column.  As Figure 4.33 shows, the shear increased at all three floor levels as the girders 
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accepted some of the redistributed load from the compromised bay.  The peak force was still 
well below the capacity of the connections, however.  As the connections were subjected to 
negative bending, composite action developed via tension in the slab and deck and compression 
in the girder connections.  This is shown in Figure 4.34.  As expected, they initially become 
more negative after the column is lost, but they then became less negative.  This occurred when 
the lower flanges of the girder come into contact with the supporting column, mobilizing 
significant binding forces, shown in Figure 4.35.  As compressive binding forces developed, the 
neutral axis shifted downward, reducing the compressive demand on the bolts.  The rotation at 
the connection was not large enough to cause this binding effect to damage the bolted 
connection, however. 
As with the girders, the infill beam connections in the compromised panel saw increased 
forces, but none large enough to cause damage or failure.  The infill beam connections at the 
north-east corner of the compromised panel (panel 4) had the highest increase in axial and shear 
forces.  These are given in Figure 4.36 and Figure 4.37 which show that the axial compression 
increased as a negative composite moment developed and the shear increased as the beam 
provided a slight cantilevering support.  Both of these forces were well below the capacities of 
the connections.  The shear and axial forces in the connections at the north-west corner of this 
panel showed the same behavior with smaller magnitudes, as the imposed rotations were less.  
The shear connections at the south end of the compromised panel were only lightly stressed, as 
the girders in bay A5-B5 were torsionally flexible and rotated with the infill beams. 
4.2.2.6 Behavior of Columns 
As Figure 4.12 illustrates, there was significant panel zone deformation in the remaining 
portion of column A5 at the moment-connected beams, due to significant restoring positive 
moments.  While these panel zones were stressed into the plastic region, the demands were 
within the ultimate strength of the steel.  As briefly mentioned earlier, while column A4 was 
subjected to a significant increase in axial force, there was little moment transferred, as the 
negative moments imposed by the beams in bay A4-A5 were simply transferred through the 
column to the beams in bay A3-A4.  Thus, there was no yielding in column A4, panel zones or 
otherwise. 
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None of the columns had their axial capacity exceeded or were near failure.  Even 
column A4, which carried a peak axial load of more than twice the pre-loss value, was able to 
withstand this force.  As the load combination used for the dynamic column-loss simulations was 
1.0D + 0.25L, while the columns were designed for much larger forces (1.2D + 1.6L, or 
governed by moment due to bending in the moment frame), they had significant reserve capacity. 
4.2.3 Discussion of Corner Column Loss 
The results from these two column loss simulation demonstrated that a moment frame 
was necessary to bridge over the loss of a corner column in the three-story steel building.  
Cantilever action out to the corner was the only available load-redistribution mechanism as 
catenary action cannot form without continuity across the lost column in at least one direction.  
The moment frame was the primary source of this cantilevering effect, but shear-connected 
girders framing into the lost column and infill beams in the compromised panel also contributed, 
albeit minimally.  Without a moment frame, the necessary cantilever capacity could not develop 
as the slab and deck could not provide the required tensile strength.  If greater tensile capacity in 
the slab, deck, or some added components was provided, it may have been possible to arrest 
collapse, as the shear-connected members appeared able to develop sufficient compressive 
capacity due to binding which developed between the beams and supporting columns. 
While a moment frame arrested collapse following corner column loss, the moment 
connections at the far end of the compromised bay to the adjacent intact column were highly 
stressed.  It is therefore critical that these connections have sufficient capacity and ductility to 
withstand these demands, particularly the interaction of shear, axial force and local bending 
moment imposed on the flanges.  The shear connections in the compromised panel, while 
stressed, did not see forces high enough to cause failure or damage. 
Due to the load combination typically used for column-loss, surrounding columns all had 
sufficient axial capacity to carry the redistributed load.  Panel zone deformation at the moment 
connections above the lost column was be significant, but to remained within the material 
capacity of the column web. 
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4.3 PERIMETER COLUMN REMOVAL IN THE THREE-STORY BUILDING 
Six scenarios of perimeter column loss were analyzed: Columns A2, A3, A4, B1, C1, and 
D1.  Columns on column line A have infill beams oriented parallel to the perimeter frame while 
along column line 1, the infill beams are oriented perpendicular to the perimeter frame. 
Due to the different orientations of the infill beams with respect to the perimeter framing 
along column lines A and 1, the perimeter columns were divided into two groups, one along each 
column line, for the purpose of analysis and discussion.  In the first group, along column line A, 
column-loss scenarios for columns A2, A3, and A4 are considered.  In the second group, along 
column line 1, columns B1, C1, and D1 are considered. 
4.3.1 Performance and Behavior for Loss of Column A2 
The finite element model was able to arrest collapse following the loss of column A2, but 
the ability of the physical structure to bridge over the lost column was questionable due to the 
failure of shear connections on the north side of column A2.  The downward vertical 
displacement at the missing column reached a maximum of 24.0 inches 0.545 seconds following 
loss of support, after which it began oscillating.  The vertical displacement time-history can be 
seen in Figure 4.38 while lateral displacement time histories can be seen in Figure 4.39 and 
Figure 4.40.  Gross connection rotations are given in Figure 4.41. 
 The displacement distribution was largely symmetrical surrounding the lost column, 
despite the unbalanced framing with moment connections on one side and simple shear 
connections on the other.  Displacement was limited to the two compromised panels (panels 1 
and 2) on either side of the lost column with little effect on the surrounding structure.  This is 
illustrated in Figure 4.42.  As demonstrated in the previous corner column loss simulations, 
beams with shear connections rotated solely around the connections while the moment-
connected beams deflected through distributed curvature.  This can be seen in the deformed 
framing in Figure 4.43.  Panel-zone stiffness alone in column A2 was not sufficient to restrain 
the moment-connected beams and induce much curvature in them at that end.  At the far end, 
near column A3, the moment-connected beams experienced more curvature, but this was 
diminished by lateral-torsional buckling.  An example of this buckling behavior is shown in 
Figure 4.44.  This figure also shows significant inelastic response in the beams in this region. 
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Although the structure mobilized alternate load paths sufficient to bridge over the lost 
column, by the time of peak displacement all but one of the bolt connector elements in the shear 
connections at the north side of column A2 had failed completely.  This left the slab and deck to 
carry all shear forces formerly carried by the connections.  Since the concrete model did not 
include shear failure, it is unclear what effect this would have.  The relatively small shear 
expected at these connections and the presence of infill framing with intact connections 10’ 
behind them would suggest that the floor and cladding load near the edge would find an alternate 
load path, probably leading to some additional localized deformation and damage.  It is unlikely 
that this would lead to collapse at the missing column, but the results presented here should be 
viewed with some caution due to the limitation of the slab model. 
Additionally, some localized regions in the welded moment-connection flanges reached 
the ultimate strength of 84 ksi used for the A992 steel material model.  This can be seen Figure 
4.43 and suggests that failure is likely, especially in the flange welds of the moment connections, 
which are typically less ductile than unaltered base metal.  The consequences of this could be 
severe, which will be discussed in a subsequent section covering the moment connections. 
4.3.1.1 Load Redistribution 
The primary load-redistribution mechanism was cantilever capacity provided by the 
moment frame along column line A, although composite and catenary action contributed to a 
lesser extent.  The vertical column base reactions shown in Figure 4.45 and Figure 4.46 illustrate 
that adjacent column A3 in the moment frame saw the largest increase in axial load while the 
other surrounding columns in gravity bays (columns A1 and B2) saw smaller increases in axial 
load.  In Figure 4.47, the load redistribution is illustrated in the form of ratios of peak column 
base reactions to the base reaction due to static gravity load immediately before column loss.  
This provides a reference to the demand in the column, but due to different gravity loadings, 
does not reflect the actual load redistribution pattern accurately.  For this, Figure 4.48 gives the 
peak increase in force at each column near the lost column.  As seen in the figures, column A3 
clearly saw the highest increase in load, with a ratio of 2.41 and peak increase in force of 228 
kips, while the surrounding columns connected by gravity framing showed significantly smaller 
increases.  Column A1 saw an increase of 79% (78 kips), which was nearly one-third that of 
column A3, illustrating the importance of the moment frame over the gravity frame.  Column B2 
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saw an increase of 26% (79 kips), which indicates the gravity framing perpendicular to the 
perimeter frame was nearly as effective in redistributing load as that in bay A1-A2.  Column B1 
appeared to carry a very small amount of the redistributed load, as it saw an increase of 16%, 
which is above the 10-12% due simply to dynamic oscillations at outlying columns.  This may 
indicate some redistribution through the infill beams in panel 1 to girders in bay A1-B1.  The 
reaction increase in column B3, which is in a similar position as B1 relative to A2, was only 
12%: within the dynamic ―noise‖ threshold.  This seems to indicate that the infill beams do not 
transfer load via a similar path in panel 2.  This discrepancy may be due to the failure of the 
shear connections on the left side of lost column A2 which may have forced more load to find 
other paths through panel 1. 
Further illustrating the importance of the moment frame is Figure 4.49 which shows the 
lateral base reactions in the plane of the moment frame.  As the displacement at the lost column 
increased and the moment frame was mobilized to provide cantilever support, lateral reactions 
were induced at the column bases. 
4.3.1.2 Behavior of Steel Deck 
The steel deck was subjected to significant stress, as shown in Figure 4.50, due to the 
large peak displacement and the loss of the shear connections previously discussed.  At the outer 
edges of the compromised panel, the negative rotations of the framing members placed tensile 
demand on the deck leading to full yield, particularly surrounding column A3.  The deck was 
also highly stressed near the lost column, likely due to the mobilization of membrane action to 
replace the lost tensile capacity from the failed shear connections.  This is yet another reason the 
conclusion of collapse arrest was not definite, as the deck model optimistically did not consider 
the weakness of splices between separate deck panels. 
4.3.1.3 Behavior of Concrete Slab 
The concrete slab generally fared well with stresses in most regions below the crushing 
capacity of 5 ksi.  The principle stress contours for the slab layers shown in Figure 4.51 
demonstrate that significant composite action was mobilized, as most of the regions in the 
compromised panels were in compression greater than 1 ksi.  The region of highest compressive 
stress surrounded the shear connections where the infill beams in panels 1 and 2 framed into 
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girder A2-B2.  This was a result of composite moment that developed as the girder hinged 
downward with the failed column, with tension carried in the infill beam shear connections and 
compression carried through the concrete slab above it.  This mechanism can be compared to 
standard composite beam design, but in this case, the infill beams are acted across a double span.  
Compressive stress in the slab is also present at the west edge of column A2 where girder A2-B2 
frames in and at the south side where the moment-connected beams frame in.  This occurred due 
to connection rotation from the downward column displacement which forced a composite 
couple moment to develop between tension in the girder shear connection and compression in the 
concrete slab.  The stresses here were more localized because of the lack of significant tensile 
capacity through the column: on the north side, the shear connections failed, and the east side is 
the edge of the building. If the shear connections on the north side developed adequate tensile 
capacity, compressive magnitudes and distributions similar to the infill beam connections in bay 
A2-B2 would have been seen.  As they did not have sufficient capacity, the slab shows only 
minimal compression in this region. 
4.3.1.4 Behavior of Moment Connections 
As the moment frame provided the most load-redistribution capacity, the included 
moment connections in bay A2-A3 were highly stressed.  As Figure 4.43 conceptually shows, 
some regions were stressed up to the 84ksi ultimate stress used for the material definition in the 
wide-flange members.  The connections at the north side of column A3 were the most highly 
stressed, followed by those on the south side of column A2, and finally those on the south side of 
column A3.  All demands were within the modeled connection capacity but stresses in the 
directly welded flanges were very high, indicating that they would need to be adequately ductile 
and resistant to premature fracture. 
The moment connections at the north side of column A3 saw the highest demand, as they 
were responsible for redistributing most of the load no longer carried by column A2.  The 
moment-axial force interaction diagram for these connections is given in Figure 4.52 which 
shows that the plastic yield capacity was exceeded for all three floors.  Moment was primarily 
responsible, but there were appreciable axial forces as well.  These axial forces were due to 
composite action which shifted the neutral axis upward as the slab and deck had some tensile 
capacity.  This then induced net compression in the moment beams.  This is illustrated in a plot 
 97 
 
of total axial force for the connections, shown in Figure 4.53 and is also evident when 
considering the flange axial forces given in Figure 4.54 which shows that the compressive flange 
axial forces in the lower flanges were greater than the tensile forces in the upper flanges.  Both 
the upper and lower flange forces exceeded yield at all floors.  As the moment frame in bay A2-
A3 redistributed significant load, the shear forces in the connections were accordingly high, but 
within the capacities of the bolted web shear connections, shown in Figure 4.55.  The shear force 
in connections at floor 3 and the roof level were essentially the same as that at floor 2, with a 
more than a fourfold increase.  As the shear force was carried in both the flanges as well as the 
bolted web connection, the flanges see appreciable local bending moments, shown in Figure 
4.56. 
The forces and moments from the north side of column A3 were carried through to the 
connections at the south side of column A3.  As the column attracted some of the moments, these 
connections were well within their elastic capacity, illustrated by the interaction diagram in 
Figure 4.57.  Although the column attracted significant portions of the moment, the axial forces 
carried through at essentially the same magnitude, as Figure 4.58 shows.  All flange axial forces 
were within the elastic range and the increases in shear force were only slightly over twice their 
pre-column-loss values.  As the demands were wholly elastic, the connections in this location are 
unlikely to fail. 
While the connections on the north side of column A3 had the highest demands due to the 
support they provide for the compromised column, the moment connections at the lost column 
were also highly stressed.  They were not responsible for transferring shear, but they provided 
restraining moments as they are fixed to the lost column.  While composite action with tension in 
the beams and compression in the concrete slab could theoretically be a significant bridging 
mechanism, the failure of the shear connections on the opposite side of column A2 in tension 
prevented this from developing.  Thus, as Figure 4.59 shows, the primary demand on these 
connections was moment.  This phenomenon is also clearly illustrated in the axial force plots in 
Figure 4.60 which shows that axial force initially mobilized, but then decreased as the capacity 
of the opposing connections on the north side decreased due to axial damage.  Without 
composite action following the loss of the opposing shear connections, symmetrical flange axial 
forces developed, leading to yield in both upper and lower flanges.  This is shown in Figure 4.61.  
As the column displaced downward, the shear forces reversed to equilibrate the restoring positive 
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moments, given in Figure 4.62.  The magnitudes were not significant, however, and were within 
the capacities of the bolted web shear connections. 
4.3.1.5 Behavior of Shear Connections 
Although the moment frame was the most significant contributor to force redistribution 
following the loss of column A2, the behavior of the surrounding shear connections were no less 
important than the moment connections, as their capacity (and sometimes lack of it) influenced 
the response of the structure. 
As mentioned in the preceding section, the shear connections on the north side of column 
A2 (the lost column) failed nearly completely due to inadequate tensile capacity.  As Figure 4.63 
shows, following column loss, the axial force quickly increased, reached the peak strength,  then 
degraded as the axial displacement at the bolt connector elements continued to increase.  By the 
time the peak column displacement was reached, the connections had lost nearly all of their 
capacity.  As the damage increased due to tensile failure, the shear capacity was accordingly 
degraded, influencing the shear carried.  This is shown in Figure 4.64. 
At the other end of bay A1-A2 at the south side of column A1, the shear connections 
remained intact and accumulated some axial force, shown in Figure 4.65.  Although compressive 
force would be expected at the far end of a compromised bay due to the corresponding negative 
moment and composite action, tensile forces were seen here because the connection is at the 
edge of the structure and there was no beam on the opposing side to equilibrate a compressive 
force.  Furthermore, these connections framed into the weak axis of the column, allowing more 
flexibility in the supporting member than if they were attached to the strong axis.  The tensile 
forces likely originated in membrane forces in the slab and deck, particularly as the shear 
connections at column A2 failed.  These membrane forces were then transferred into the 
perimeter beams through the composite shear studs.  This mechanism provided some load 
redistribution to column A1, as discussed in a preceding section, which was also seen in the 
shear forces in these connections, shown in Figure 4.66.  As seen in the figure, however, this 
increase in shear did not exceed the capacity of the connections. 
Despite the downward displacement of the lost column, the shear connections on the west 
side of column A2 were little affected.  The peak axial forces were tensile, but less than 12% of 
the connection capacity and the peak shear force was little changed from the pre-column-loss 
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value.  This was likely due to the flexibility of the column weak axis they framed into, even with 
the presence of half-depth column stiffeners for the perpendicular moment frame. 
At the opposite end of the girders in bay A2-B2 at the east side of column B2, the 
connections saw much more substantial forces as the rotation was large enough to cause flange 
binding.  Figure 4.67 shows that significant axial compressive forces developed, though they 
were within the connection capacity.  The erratic shape of the plot and anomalous reversals in 
slope are a result of binding between the lower girder flanges and the column web which shifted 
the neutral axis of the connection downward.  The forces mobilized by this binding behavior are 
shown in Figure 4.68.  As a result of the binding, the top bolt connector elements in the 
connection at each floor accumulated a small amount of damage, but the degradation was only 
about 10%.  The shear forces in these connections increased only slightly as these girder 
redistributed a small additional load into column B2, which was discussed previously and 
illustrated in Figure 4.47.  The increases were below the design capacity for the connections, 
which can be seen in Figure 4.69. 
It should be noted that the shear connections on the opposite side of column B2 (on the 
west side) were subjected to nearly the same axial forces as the connections on the east side.  As 
the girders framed into the flexible column web, the forces were easily transferred directly 
through the column.  Even the binding forces were passed through as the web deflected to 
contact the girder flange on the opposite side.  Plots of the axial and binding forces for these 
connections are not shown as they are so similar to those for the east-side connections they 
would be redundant.  Shear forces were largely unchanged from their pre-column-loss values. 
Although they were not connected to the lost column, the infill beam connections in 
panels 1 and 2 were affected as they displaced as the girders in bay A2-B2 displaced downward.  
The infill beams in the east side of these bays saw the highest displacements (and hence forces) 
as they were 2/3 of the distance between column B2 and A2. 
The infill beam connections in the north-east corner of panel 2 were subjected to 
significant axial forces, as shown in Figure 4.70.  Considerable shear forces also developed, 
which are shown in Figure 4.71.  This seemingly anomalous shear is likely due to a lever prying 
effect as the girder displaced downward and the infill beam hinged about its bolted connections.  
The slab, however, did not hinge so sharply directly above the girder, but rather, through more 
distributed curvature spread over a region on either side of the girders. Thus, the slab acted as a 
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fulcrum located some distance away from the girder which the infill beam acted against, creating 
additional shear at the connection.  This is one further example where static analysis and the 
assumption of slab one-way action are not accurate for dynamic and large-displacement analysis.  
Despite the additional prying action, the peak forces were still within the capacity of the 
connection and no damage occurred. 
The connections in the next row of infill beams in the north-west corner of panel 2 
showed the same force trends, only with smaller magnitudes, proportional to the smaller 
displacement and rotations. 
The infill beam connections on the opposite side of the girders in bay A2-B2 (in panel 1) 
saw nearly identical forces, as they were carried directly through the girder webs. 
At the south-east side of panel 2, the infill beam connections were subjected to axial 
compression as the negative moment caused by the imposed rotation resolved itself into tensile 
force in the slab and deck and compression in the infill beam connections via composite action.  
The axial force is illustrated in Figure 4.72 which shows that the peak remained below the 
capacity of the connection.  The peak shear force shown in Figure 4.73 was little changed 
following column loss which indicates that the prying behavior seen in the connections at the 
center of the two compromised panels did not occur in negative bending.  This was probably due 
to the weak tensile behavior of the slab which resulted in cracking.  A small amount of flange 
binding occurred in these connections, but the peak binding force was less than 5 kips in at each 
floor level. 
Again, as with the connections at the center of the compromised panels, the response of 
the infill beam connections farther from the compromised column (the south-west corner of 
panel 2) showed the same force behavior, only with smaller magnitudes.  The smaller rotations at 
these connections did not allow beam flange contact to be made, so no binding forces developed. 
The infill beam connections in both the east and west corners of panel 1, which were 
located at the building’s edge, showed very little effect from the loss of column A2.  As they 
framed into the webs of girders with nothing on the other side, the axial forces that developed 
were nearly zero.  The peak shear forces were about 40% higher than the pre-column-loss static 
values, but still far below the expected capacity of the connections. 
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4.3.1.6 Behavior of Columns 
As Figure 4.43 shows, there was significant panel zone deformation in the remaining 
portion of column A2 at the moment-connected beams, due to the presence of significant 
positive restoring moments.  As the shear connections on the opposite side of the column failed 
before the peak column displacement was reached, they provided no continuity through the 
column, thus leaving the column to be stressed very similarly to that of column A5 when it was 
lost (shown in Figure 4.12).  This comparison further illustrates the cantilever action of the 
moment frame present here in only one bay when a perimeter column was removed. 
Although these panel zones were highly stressed, the ductile nature of this deformation 
mechanism ensured that no failure would result.  The deformation in the panel zone at floor 2 
was less significant than at floor 3 or the roof, as the lower-level beams were more flexible and 
unable to apply moments of larger magnitude. 
Since column A3 had full moment connections on the opposing side to the compromised 
bay which provided restoring forces that minimized the moment demand and panel zone 
deformation in the column.  This allowed the stresses in the column to remain largely below 
yield. 
As with previous column-removal analyses, the axial capacity of the columns 
surrounding the lost column were sufficient to carry the additional redistributed loads.  Again, 
the total load on the structure was much less than that which the columns were designed for, 
which gave them significant reserve capacity. 
4.3.2 Performance and Behavior for Loss of Column A3 
As with the loss of column A2, the structure was able to arrest collapse following the loss 
of column A3.  With the benefit of full moment frames in the bays on either side of the failed 
column, the survival was much more certain and the effects were much less severe, however.  
The peak vertical displacement at the location of the lost column was 4.85 inches, occurring 0.25 
seconds after removal.  This is shown in Figure 4.38. 
The displacement contours presented in Figure 4.74 show that while the overall pattern of 
displacement was very similar to that in Figure 4.42 for the loss of column A2, the contours 
immediately surrounding the lost column are more rounded and gradual.  This was due to the 
moment connections on both the north and south sides of the lost column, which forced the 
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rotations, and hence displacements, to be distributed more gradually along the perimeter frame, 
whereas the shear connections in the previous column-loss case allowed most of the rotation to 
occur directly at the connection.  Also visible in Figure 4.74 is the gravity-load deflection within 
intact spans.  This behavior was not different than in any of the previous analyses, but it is visible 
for this case because the maximum displacement was significantly less, allowing the small 
gravity deflection to be visible in the smaller contour spectrum divisions. 
Unlike previous column-loss scenarios, the peak stress in the framing did not approach 
the ultimate strength of the steel model used for the wide-flange members.  As Figure 4.75 
shows, the peak stress was only 65 ksi which is well below the ultimate strength of 84 ksi used 
for the A992 steel.  This indicates that the framing and connections are unlikely to see failure, 
although the ductility of the welded flange moment connections is still a concern and will be 
discussed in more detail in a later section examining the moment connections. 
4.3.2.1 Load Redistribution 
Unlike the case of column A2 loss, the moment frame extended on both sides of the lost 
column, which provided sufficient capacity to bridge over the lost column without failure.  The 
absence of support from column A3 caused the perimeter moment beams in bays A2-A3 and A3-
A4 to act together as double-length single spans owing to the continuity through the remaining 
portion of column A3.  This is illustrated in Figure 4.75 which shows the beams deformed as 
individual 60 foot long continuous beams.  The lack of continuing moment connections on the 
north side of column A2 allowed slightly more end rotation.  Due to the continuing moment 
frame on the opposite end of the double span (at column A4), the rotations remained small and 
the panel zone deformations remained elastic.  This resulted in more load being transferred into 
column A4 than A2. 
As the primary load-redistribution mechanism was continuous beam action between 
columns A2 and A4, these two columns carried most of the redistributed load following the loss 
of column A3.  Figure 4.76 shows that these two columns saw dramatic increases in axial load 
while the next adjacent column B3 saw only a small increase, as seen in Figure 4.77.  With only 
shear connections, the girders in bay A3-B3 did not transfer any more load into column B3 than 
that due to the dynamic oscillations in adjacent columns B2 and B4.  In Figure 4.78, the peak 
column force ratios show that columns A2 and A4 did in fact carry the most increases in load, 
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with increase ratios of 1.87 and 2.02, respectively.  Figure 4.79 also reflects this, showing that 
the peak increase in axial force was 144 kips for column A2 and 178 kips for column A4.  The 
increase in column B3 was 33% (an increase of 92 kips), which was slightly more than the 
baseline of approximately 15% seen in other columns due to dynamic oscillation.  
The mobilization of the perimeter moment frame is also evident in the in-plane lateral 
forces at the column bases, shown in Figure 4.80.  Not only do these plots show that columns A2 
and A4 carried significant moment, but that with the higher peak lateral force, column A2 carried 
more.  This was due to the absence of continuous moment connections when compared to 
column A4. 
Though not nearly as significant as the contribution from the moment frame, the girders 
in bay A3-B3 provided some limited load-redistribution capacity.  This is evident in the fact that 
column B3 saw a higher increase in force than outlying columns subject only to dynamic 
oscillation.  The infill beams also contributed, but their effect was insignificant in comparison to 
the action of the moment frame and previously-mentioned girders and was seen more in the 
connections forces than the column base reactions. 
4.3.2.2 Behavior of Steel Deck 
Due to the minimal displacement at the lost column and the capacity of the moment 
frame, the steel deck was relatively lightly stressed with most of it well below the yield threshold 
of 30 ksi.  This is shown in Figure 4.81.  Only a few localized regions reached yield.  The 
regions of  highest stress due to the column loss were located at the edge of the compromised 
panels (panels 2 and 3), which was due to negative bending in which the deck contributed tensile 
force as the concrete cracked above it.  The vast majority of the deck within the compromised 
panels remained below 20 ksi, indicating that the deck would behave well during column loss 
without failure. 
4.3.2.3 Behavior of Concrete Slab 
With the primary load redistribution mechanism being continuous beam action across the 
new double span, large positive moments were created at the center through column A3.  These 
positive moments developed significant composite action with compression in the concrete slab 
and tension in the wide-flange sections.  The in-plane compressive stress contour plot at the top 
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surface of the concrete slab in Figure 4.82 shows concentrated regions of stress near the 
perimeter beams at column A3 where composite action was the most significant.  These 
compressive stresses decreased on either side of the column in the north-south direction as the 
positive moment decreased.  There were also regions over the infill beams in compression which 
indicates some weak composite action and load redistribution alluded to earlier. 
Despite the significant composite action developing near column A3, the peak 
compressive forces remained below the 5 ksi crushing strength of the concrete, indicating that 
concrete failure would not occur. 
At the panel edges, the slab was subject to tension resulting from negative moment and 
rotation.  This caused the weak-in-tension concrete to crack, which is visualized in Figure 4.83.  
Regions of expected cracking are in gray and are concentrated at the edges of the compromised 
panels and above the negative-moment regions of the perimeter moment frame beams.  The 
cracking behavior was not significant and will not be studied for most column removal cases, but 
is presented here simply to illustrate the general behavior. 
4.3.2.4 Behavior of Moment Connections 
With the perimeter moment frame providing the most load redistribution, the moment 
connections in bays A2-A3 and A3-A4 were the most highly loaded.  As Figure 4.75 shows, 
stresses in these regions often exceeded yield, indicating that the connection demands were 
significant and extended into the inelastic region. 
The moment connections on both sides of column A3 were highly stressed in both 
moment and axial tension as they were at the center of the double-length continuous beam span 
between columns A2 and A4.  As the forces and moment were very similar on both sides due to 
composite action and force continuity through the remaining column, the data primarily from the 
connections to the south side of column A3 are presented here.   
The section interaction diagram in Figure 4.84 shows that the axial component of loading 
was significant at the connections but that none of the three floors exceeded the plastic section 
yield criteria.  The individual flange axial forces, however, given in Figure 4.85, show that due to 
composite action with the concrete slab, the neutral axis was actually above the top of the beam, 
placing the entire section in tension.  This resulted in very high axial forces in the lower beam 
flanges, causing all of them to exceed yield.  The high axial forces are also seen in Figure 4.86 
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which gives the net axial forces for the entire connection cross-section.  Figure 4.87 illustrates 
that the peak shear forces were well below the capacity of the bolted web shear connection.  
They did not settle near zero, however, as the point of maximum positive moment was not at the 
center of the double span at column A3.  This was a result of the more flexible end condition at 
column A2 when compared to column A4 which shifted the point of maximum moment (and 
thus the point of zero shear) farther north toward column A2.  This is confirmed by the plot of 
shear forces on the north side of column A3 (closer to the point of maximum moment) given in 
Figure 4.88 which shows that the shear forces were smaller than on the south side. 
At the edges of the double-length composite span, the connection demands were also 
very high due to large negative moments as well as shear forces which were transferring 
redistributed load into the attached columns.  Demands at column A4 were higher than at column 
A2 as the greater rigidity provided by the moment beams on the other side of the column as well 
as the stiffer column (a W14x99 instead of a W14x74) which allowed higher negative moments 
to develop.  Figure 4.89 shows that the moment-axial force interactions were all within the 
plastic section yield capacities, and that moment was much more significant than axial force, 
unlike the connections to column A3.  The flange axial forces given in Figure 4.90 also illustrate 
moment-dominant behavior but show that the forces in the lower flanges exceeded yield.  This 
indicates that there was some composite action in negative bending provided by limited tensile 
capacity of the slab reinforcement and steel deck.  This was obviously much less significant than 
the compressive capacity mobilized in positive bending, however.  The large net compressive 
forces are shown in Figure 4.91 and were approximately proportional to the beam size.  The 
shear forces, shown in Figure 4.92, were high due to load that was carried by column A3 now 
flowing to column A4, as seen previously.  They almost exactly reached the capacities of the 
bolted web shear connections, but failure did not occur because the welded flanges carried shear 
as well.  This was reflected by the increase in flange bending moments, given in Figure 4.93. 
Much of the moment demand on the connections at the north side of column A4 is 
distributed into the column before reaching the beam connections on the south side.  This is 
shown by the significantly lower flange axial forces in Figure 4.94, which were all within their 
elastic capacities.  The shear forces were largely unaffected, and were far below the capacity of 
the bolted web shear connections. 
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At the other end of the double-length span condition, at column A2, the moment 
connection demands were also high, but slightly smaller than at column A4 for the reasons 
discussed previously.  The interaction diagram in Figure 4.95 shows that, again, all demands 
were within the plastic section yield capacity.  The flange axial forces in Figure 4.96 show that 
unlike the connections at the north side of column A4, only those at the second floor exceeded 
yield.  The greater flexibility of column A2 prevented larger moments from developing and 
generating larger flange couple forces.  Additionally, with only flexible, weak shear connections 
on the opposing side of the column, the axial forces were not consistently in tension, but instead 
varied between tension and compression, as shown in Figure 4.97.  This increased flexibility also 
resulted in lower peak shear forces, as seen in Figure 4.98.  These demands were within the 
capacities of the bolted web shear connections alone and the resulting shear demand on the 
welded beam flanges was accordingly much smaller, as indicated by the local flange bending 
moments shown in Figure 4.99. 
4.3.2.5 Behavior of Shear Connections 
There were a significant number of simple shear connections affected by the loss of 
column A3.  While they did not contribute nearly as much to redistributing load as the moment 
connections, they still had substantial demands placed on them. 
The shear connections to the north side of column A2 resisted compressive force imposed 
by the negative bending in the moment connections on the other side.  As these shear 
connections contained only two bolts, however, they were flexible and did not provide much 
resistance, as the axial forces in Figure 4.100 show.  This resulted in both the axial and shear 
forces remaining within the connections capacities. 
At the girder connections on the west side of column A3, moderate rotations of up to 
0.015 radians developed, as seen in Figure 4.41.  The flexibility of the column web, however, 
absorbs some of this rotation, reducing the overall demand on the connections.  This coupled 
with the flexibility of the bolted connections and the small overall displacement at the 
compromised column results in both the axial and shear demands remaining below the 
connection capacities, as seen in Figure 4.101 and Figure 4.102. 
At the other end of the girders in bay A3-B3, the rotations were negative, resulting in 
compressive axial forces, as shown in Figure 4.103.  The peak forces, however, remained below 
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the connection capacities and the rotation was not large enough to mobilize flange binding with 
the column.  The shear forces increased only slightly (corresponding to the small increase in 
peak base reaction at column B3 seen earlier) and remained well within the connection 
capacities, as seen in Figure 4.104. 
On the other side of column B3 (the west side), the axial forces were nearly identical, as 
the connections transferred force directly through the flexible column web.  The shear forces 
were largely unaffected, showing only the typical and insignificant dynamic oscillations. 
As the girders in bay A3-B3 moved downward, rotating about their connections to 
column B3, rotations were imposed on the infill beams connected to them.  These rotations were 
smaller, 2/3 for the east infill beams and 1/3 for the west row of infill beams, but still imposed 
significant demands on the shear connections 
The most highly stressed infill beam connections were in the easternmost connections 
between the two compromised panels (panels 2 and 3) along on girders in bay A3-B3.  The 
downward girder displacements caused positive rotations in the infill beam connections which 
generated positive composite moments, as demonstrated by the compressive forces in the 
concrete slab discussed earlier and seen in Figure 4.82.  The demands, however, remained below 
the capacities of the connections, as Figure 4.105 and Figure 4.106.  The axial forces were tensile 
due to the positive rotations and composite moment while the increases in shear force were most 
likely caused by the same hinge prying phenomena as discussed for similar connections in the 
column A2 loss scenario. 
The connection forces were nearly identical on the opposite side of the girder as the 
forces were transferred directly through the flexible girder web.  At the next row of infill beams 
west on girders A3-B3, the force trends were the same, only the peak forces were about one-half, 
corresponding to the approximate rotation magnitudes of one-half 
At the north and south outer edges of the compromised panels, the rotations had the same 
magnitude as at the inner edges (again, corresponding to 2/3 and 1/3 of the overall girder rotation 
for the east and west infill beams, respectively), only in the negative direction rather than 
positive.  The negative rotations thus created negative composite moments, but the reduced 
tensile capacity relative to the compressive capacity of the slab resulted in smaller axial forces in 
the infill beam connections than at the center of the compromised panels.  This is shown for the 
connections in the north-east corner of panel 2 in Figure 4.107, which again, are loaded well 
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below their total capacity.  The shear forces given in Figure 4.108 also do not show the large 
increases as the hinge prying action is not as pronounced when the slab is cracking in tension. 
Again, the flexible girder webs, this time in bay A2-B2, allowed the compressive axial 
forces to be transferred directly through to the infill beams in panel 1 while the shear forces were 
unchanged.  The next row of infill beams back (in the north-west corner of panel 2) showed the 
same behavior with peak magnitudes reduced by approximately one-half, the same as seen for 
the connections in the inner edges of the compromised panels. 
The infill beam connections at the south side of panel 3 and north side of panel 4 (i.e., to 
girders in bay A4-B4) showed nearly identical behavior to those just given for the north sides of 
panel 2 and south sides of panel 1, so they are not presented individually here.  The forces can be 
closely approximated by mirroring the results from the girders in bay A2-B2. 
Shear connections to other infill beams surrounding the compromised panels were largely 
unaffected and did not see force increases sufficient to warrant presentation here. 
4.3.2.6 Behavior of Columns 
As Figure 4.75 shows, there was significant panel zone deformation in the remaining 
portion of column A2 at the moment connected beams due to applied negative moments by the 
perimeter beams.  As the shear connections on the opposite side could not provide sufficient 
restoring moments, this panel zone deformation extended into the inelastic range.  This was 
similar to the panel zone behavior of column A5 when it was lost (shown in Figure 4.12), 
indicating that the shear-connected beams did not provide much continuity. 
Although these panel zones were highly stressed, the ductile nature of this deformation 
mechanism is acceptable and the resulting stresses remained well below the peak material 
strength.  The deformation in the panel zone at floor 2 was less significant than at floor 3 or the 
roof, as the lower-level beams were smaller and more flexible, which reduced the moment they 
applied to the column. 
Column A4 did not see panel zone deformation extending into the inelastic range, 
partially due to the presence of moment connections on the opposite side, but also due to the 
larger column size (W14x99 instead of a W14x74). 
Again, as with all previous column-loss scenarios, the axial and moment capacity of the 
columns were sufficient to withstand the additional demands imposed by the column failure. 
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4.3.3 Performance and Behavior for Loss of Column A4 
As seen in Figure 4.38, Figure 4.39, and Figure 4.40, the response of the structure 
following the loss of column A4 was nearly identical to that of column A3 loss.  This is logical, 
as both columns were located within the same perimeter moment frame and had at least one 
moment-connected bay on either side.  The only real difference was the presence of a gravity bay 
at the north edge of the moment frame and the edge of the building at the south edge.  When the 
column-removal scenarios were selected, it was theorized that the additional continuity at the 
outer edge could improve the response of the structure following the loss of column A3 when 
compared to the loss of column A4.  Upon analyzing the results, however, it was clear that the 
continuity of the gravity-only bay (even when including the steel deck and concrete slab), 
provided negligible support compared to the open edge of the building.  With the relatively small 
displacement at the lost column, the minimal restoring moment provided by the gravity framing, 
slab, and deck did not have a visible effect on the response of the structure, even when compared 
to the edge of the building where no continuing framing was present.  Thus, the behavior of 
column A3 and A4 loss was essentially the same, only appearing as a mirror image.  This is 
illustrated in Figure 4.109 which shows that the deformation and stresses in the moment frame 
resulting from column A4 loss were very similar to those for column A3 (shown in Figure 4.75), 
only reversed. 
The connection forces were also be comparable and were be mirrored from the column 
A3 loss scenario, except those bordering the perimeter in bay A5-B5.  As these connections did 
not have continuity, the compressive axial forces did not develop as they did along girders in bay 
A2-B2 for column A3 loss.  Instead, their response was similar to those to girders in bay A1-B2 
during column A2 loss.  In this case, the forces were largely unaffected due to the flexibility of 
the perimeter girder.  In reality, however, these differences would be unimportant, as no shear 
connections (to infill beams or girders) were loaded to their capacity for both column A3 and A4 
loss. 
4.3.4 Discussion of Perimeter Column Loss along Column Line A 
Column removal scenarios of perimeter columns along line A2 showed that the three-
story structure was capable of bridging over a failed perimeter column.  The structure was best 
able to adapt when columns located fully within a moment frame were lost, due to the capacity 
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of the moment frames and their connections.  The structure was less robust when the column 
located at the edge of the moment frame, column A2, was lost.  This was due to moment 
connections framing into the south side and only simple shear connections on the north side and 
interior.  Although this case did not cause global collapse, localized connection failure was 
observed, and it is possible that additional localized damage, which the model was not capable of 
capturing, could propagate. 
In all of the column-loss scenarios, composite action was important, even within moment 
frames.  The presence of the concrete slab allowed composite couple moments to develop in 
regions of positive bending, even at across simple shear connections to infill beams.  Composite 
action altered the behavior of the moment connections as well, introducing significant net axial 
forces (tension when in positive bending, compression in negative bending).  This had the effect 
of stressing the lower beam flange much more than the top at connections.  The effect of 
composite behavior on moment connections is a phenomenon that has not been studied 
sufficiently in past work and deserves further exploration. 
4.3.5 Performance and Behavior for Loss of Column B1 
Although the vertical displacement time-history shown in Figure 4.110 for column B1 
loss indicates that the structure was able to arrest collapse, further investigation revealed that the 
conditions to establish survival were not adequately met.  There was no significant lateral 
instability, as Figure 4.111 and Figure 4.112 show, but the connection rotations in Figure 4.113 
show peak connection rotations exceeding 0.1 radians, which was beyond what some 
connections in the structure could withstand, particularly when considered in conjunction with 
high axial forces.  Furthermore, the peak vertical displacement was 37.2 inches (occurring 0.580 
seconds following column loss), greater than for any previous column-loss scenario where 
collapse was avoided. 
4.3.5.1 Load Redistribution and General Behavior 
Figure 4.114 shows that the displacement contours were not significantly different than 
other perimeter column-loss scenarios, other than the very large magnitudes of displacement.  
The deformed shapes of the steel framing members in Figure 4.115 were not that unlike those for 
the loss of column A2 (seen in Figure 4.43), but the stresses reached the ultimate strength of the 
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steel and severe buckling and deformation occurred in the framing at the outside edges of the 
compromised panels.  The critical factor in concluding the structure could not withstand the 
column loss, however, was the complete failure of all shear connections on the east side of 
column B1. 
With the failure of the shear connections on the east side of column B1, framing 
continuity through the double-length beam span A1-B1-C1 was interrupted.  With no moment 
connections in the affected bays, the only significant available load-carrying mechanism was 
composite action employing the deck in compression and the steel framing in tension.  The 
failure of the shear connections at the center of this double-length span, however, eliminated this 
mechanism as tensile forces could no longer be carried in the beams through column B1.  This 
event would have caused complete and immediate collapse of the affected spans, except that the 
continuous steel deck was able to provide enough membrane capacity to bridge over the failed 
shear connections.  The resulting stresses in the steel deck were significant, and as Figure 4.116  
demonstrates, large regions surrounding the failed connections were loaded into the plastic 
range.  As the steel deck model did not account for failure at splices in the deck that would very 
likely be located near the failed connections this capacity cannot be depended on as the only 
mechanism for collapse avoidance.  Thus, despite the fact the model predicted collapse arrest, 
this dependence on the optimistic deck model dictates that the loss of this column must be 
considered to lead to collapse. 
4.3.5.2 Potential Impact of Collapse 
Although the loss of column B1 would lead to collapse of the affected panels (panels 1 and 5, 
according to the naming convention presented in Chapter 2), it would not necessarily propagate 
to other portions of the building.  As with the loss of column A1, it was only connected to the 
rest of the structure with relatively weak bolted shear connections, and as observed in the 
scenario for column A1 loss, those shear connections failed before they could transfer sufficient 
force into the rest of the structure to begin to pull it down.  Furthermore, as Figure 4.114 shows, 
the displacements were limited to the two compromised panels and the remaining portions of the 
building were not affected.  Thus, much like the loss of column A1, failure of column B1 would 
likely lead to the collapse of the immediate panels, but would not progress into other portions of 
the structure. 
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4.3.6 Performance and Behavior for Loss of Column C1 
The structure was able to arrest collapse following the loss of column C1.  The peak 
vertical displacement at the lost column was 14.8 inches, occurring 0.410 seconds following 
column loss.  This is shown in Figure 4.110 while the lateral displacement time histories are 
given in Figure 4.111 and Figure 4.112.  Unlike the previous column-loss case, all of the 
displacements were within reasonable values, along with the computed gross connection 
rotations in Figure 4.113, which peaked at just above 0.04 radians. 
The displacement distribution was largely symmetrical surrounding the lost column, 
despite the unbalanced framing with moment connections on one side and simple shear 
connections on the other.  Displacement was limited to the two compromised panels (panels 5 
and 9) on either side of the lost column with little effect on the surrounding structure.  This is 
illustrated in Figure 4.117.  As demonstrated in previous column loss simulations, beams with 
shear connections rotated solely around the connections while moment-connected beams 
deflected through distributed curvature.  This can be seen in the deformed framing in Figure 
4.118. 
Significant panel-zone deformations occurred in the remaining portion of the lost column, 
as the shear connections on the east side could not balance the moments from the rigid 
connections on the other side.  This is clearly visible in Figure 4.118 which shows that the panel-
zone stresses extended into the plastic range.  This deformation is ductile, however, and did not 
lead to damage or failure of any kind. 
The peak stress in the framing nearly reached the ultimate strength of the model used for 
the A992 steel, with a maximum stress of 82.3 ksi.  The peak stresses occurred at the lower 
flanges of the moment connected beams at the east side of column D1.  This can be seen in 
Figure 4.118.  The welds in this region typically do not have as much ductility as the base metal 
in the wide-flange members, so local connection damage would be likely. 
4.3.6.1 Load Redistribution 
The primary load-redistribution mechanism was cantilever capacity provided by the 
moment frame along column line 1, although composite action through the missing column 
contributed as well.  The vertical column base reactions given in Figure 4.119 and Figure 4.120 
show that adjacent column D1 in the moment frame saw the largest increase in axial load while 
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the other surrounding columns in gravity bays (columns B1 and C2) saw smaller increases in 
axial load.  In Figure 4.121, the load redistribution is illustrated in the form of ratios of peak 
column base reaction to the base reaction due to static gravity load immediately before column 
loss.  This provides a reference to the demand in the column, but due to different column gravity 
loadings, does not reflect the actual load redistribution pattern accurately.  For this, Figure 4.122 
gives the peak increase in force at each column near the lost column.  As seen in the figures, 
column D1 clearly saw the highest increase in load, with a ratio of 2.13 and peak increase in 
force of 195 kips, over twice the increase in load at column B1.  This is a result of the stiffness 
and capacity of the moment frames, as the surrounding columns connected by gravity framing 
show significantly smaller increases.  The two columns at the corners of the compromised panels 
appear to carry a small amount of additional load when compared to column A2, which saw 
forces only from dynamic oscillation. This may indicate some redistribution through the infill 
beams in panels 5 and 9 to girders in bays B2-C2 and C2-D2 and slab two-way action spanning 
to the outer corners. 
The mobilization of the moment frame is also evident in Figure 4.123 which shows the 
lateral base reactions in the plane of the moment frame.  As the displacement at the lost column 
increased and the moment frame was mobilized to provide cantilever support, lateral forces were 
induced at the column bases.  The force at column D1 was significantly greater than at column 
B1, as moments in column B1 are limited by the composite moment capacity of the framing and 
slab connected to it. 
4.3.6.2 Behavior of Steel Deck 
The steel deck was subjected to significant stress, as shown in Figure 4.124, due to the 
large peak displacement and demand from composite action.  At the outer edges of the 
compromised panel, the negative rotations of the framing members placed tensile demand on the 
deck leading to full yield, particularly surrounding column D1 where large curvature in the 
moment beams forced the deck into the plastic region.  The deck was also highly stressed near 
the lost column, likely due to the mobilization of tensile capacity to augment the limited strength 
of the shear connections on the east side of column C1. 
In the large plastically-stressed regions, it is likely that the deck in a physical structure 
would suffer from local damage at puddle welds as well as end and lap splices.  This could 
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negatively affect the force capacity and may influence the overall response of the structure.  It is 
likely, however, that the general performance of the structure would not be drastically impacted 
as the contribution from the deck was not significant. 
4.3.6.3 Behavior of Concrete Slab 
The concrete slab fared well with stresses in most regions below the crushing capacity of 
5 ksi.  The principle stress contours for the slab layers shown in Figure 4.125 demonstrate that 
composite action was mobilized, as a significant portion of the compromised panels were in 
compression greater than 1 ksi.  The region of highest compressive stress surrounded the lost 
column where composite moments developed with the framing connections in tension and the 
slab in compression.  In very localized regions, the peak stress exceeded the crushing strength, 
but this limited damage should not affect the overall performance as the areas are small.  
Compressive stress in the slab were also present in diagonal lines extending from the lost column 
towards the infill beams framing into the girders in bays B2-C2 and C2-D2, suggesting slab two-
way span action. 
4.3.6.4 Behavior of Moment Connections 
As the moment frame provided the most load-redistribution capacity, the included 
moment connections in bay C1-D1 were highly stressed.  As Figure 4.118 conceptually shows, 
some regions were stressed nearly to the 84 ksi ultimate stress used for the material definition in 
the wide-flange members.  The connections at the east side of column D1 were the most highly 
loaded, followed by those on the west side of column C1, and finally those on the west side of 
column D1.  All demands were within the connections’ capacities, but axial forces on the 
directly welded flanges placed them in the inelastic region, indicating that they would need to be 
adequately ductile and resistant to premature fracture.  Significant flange bending moments were 
also observed, which would place further demands on the welds. 
The moment connections at the west side of column D1 saw the highest demand, as they 
were responsible for redistributing most of the load no longer carried by column C1.  The 
moment-axial force interaction diagram for these connections is given in Figure 4.126 which 
shows that the plastic section yield envelope was exceeded for the lower two floors, and nearly 
met at the roof level.  Moment was primarily responsible, but there was an appreciable axial 
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force in each beam due to composite action.  This shifted the neutral axis upward as the deck and 
slab reinforcement had some tensile capacity, which induced net compression in the moment 
beams.  This is shown in a plot of total axial force for the connections, given in Figure 4.127.  
The limited negative-bending composite action resulted in unequal couple forces in the beam 
flanges, which is shown in Figure 4.128.  Both the upper and lower flanges exceeded yield at all 
floors, even at the roof-level beams which were within the section interaction.  This occurred 
because the section interaction diagram included the capacity of the beam web, which could not 
be fully utilized by the bolted web shear connection.  As the moment frame in bay C1-D1 
redistributed significant load, the shear forces in the connections were accordingly high, as 
shown in Figure 4.129.  Although they all exceeded the design capacity of the bolted web shear 
connections, no failure occurred as the welded flanges carried a significant portion of this shear, 
which is reflected by the large flange local bending moments given in Figure 4.130. 
The forces and moments from the east side of column D1 were carried through to the 
connections at the west side of the column.  As the column attracted some moment, these 
connections were well within their elastic capacity, illustrated by the interaction diagram in 
Figure 4.131.  Individual flange axial forces were also within their respective elastic capacities.  
This indicates that the column attracted significant portions of the moment, but axial forces 
carried through essentially unaffected.  Shear forces were nearly unaltered from their pre-
column-loss values.  As the demands were wholly elastic, the connections in this location are 
unlikely to fail. 
While the connections on the east side of column D1 had the highest demands due to the 
load redistribution they provide for the compromised column, the moment connections at the lost 
column were also highly stressed.  They were not responsible for transferring shear, but they 
provided restraining moments as they were fixed to lost column as it displaced downward.  
While composite action with tension in the opposing beams and compression in the concrete slab 
provided some capacity, the flexibility of the shear connections could not completely equalize 
the moment.  Thus, as Figure 4.132 shows, moment demand dominated in these connections.  
This phenomenon is also clearly illustrated in the axial force plots in Figure 4.133 which shows 
some axial tension force developing, before reaching the limit of the opposing shear connections.  
Without the formation of significant composite action, symmetrical flange axial forces 
developed, leading to yield in both the upper and lower flanges of the second floor and yielding 
 116 
 
in the lower flange at the third-floor connection, while the remaining flanges remained elastic.  
This is shown in Figure 4.134.  As the column was lost, the shear dropped and oscillated near 
zero, as seen in Figure 4.135.  This occurred as the connections were then near the center of a 
double-length span over the lost column. 
4.3.6.5 Behavior of Shear Connections 
Although the moment frame was the most significant contributor to force redistribution 
following the loss of column D1, the associated shear connections were also important.  The 
connections on the east side of the lost column lent significant axial capacity to form positive-
bending composite moments, while other associated shear-connected members also aided in load 
redistribution. 
The shear connections at the east side of column D1 were loaded to their axial capacity 
and accumulated damage as displacement at the lost column increased.  As Figure 4.136 shows, 
the axial force quickly increased following column loss, reached the peak strength as defined by 
the connection model, and then degraded as the axial displacement at the bolt connector elements 
continued to increase.  At the time of peak column displacement, the lower rows of bolts had lost 
50% of their capacity, the second row had degraded 30% and the top row had decreased 
approximately 15%.  As none of the connections completely failed, they still had adequate shear 
capacity, as seen in Figure 4.137.  Although the shear force at the moment connections on the 
opposing side was near zero, the shear at this location increased, reversing from its pre-column-
loss direction.  Prying action as described in the scenario for column A2 loss was the likely 
cause. 
At the other end of bay B1-C1 at the west side of column B1, the shear connections 
remained intact and accumulated compressive axial force, shown in Figure 4.138.  As connection 
rotation increased, the lower flanges made contact with the column web and created binding 
forces, as given in Figure 4.139.  This shifted the axis of rotation for the connection to the lower 
flanges, which then placed the bolted connections in tension.  The net effect was very small 
forces in the bolted connection as the steel deck carried most of the couple force needed to 
balance the binding force and created a negative-bending composite moment.  This mechanism 
provided significant load redistribution to column B1, as discussed in a preceding section, which 
is also seen in the shear forces in these connections, shown in Figure 4.140.  As the figure shows, 
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this increase in shear slightly exceeded the shear capacity of the connections, and could result in 
connection shear damage.  The small magnitude of force exceeding the capacity would likely 
lead to ductile block-shear failure and shear may be transferred through the slab before complete 
failure occurred.  Nevertheless, it would be desirable to have sufficient shear capacity in the 
bolted web connection. 
At the shear connections on the other side of column B1 (on the east side), the axial 
forces carried through with little change, and the shear forces remained very near their pre-
column-loss values. 
At the south side of the lost column, the interior infill beam connections were subjected 
to positive rotations.  This resulted mobilization of tensile connection forces which developed 
limited positive-bending composite action.  The axial forces are shown in Figure 4.141 and did 
not approach the capacity of the connections as the column web was flexible and deformed when 
the shear connections rotated and applied force.  The shear forces given in Figure 4.142 were 
minimal although they increased likely due to the prying behavior seen previously. 
At the other end of the column-line infill beam at the north side of column C2, the 
connections were subject to negative bending.  This had the effect of increasing the negative 
axial forces, shown in Figure 4.143.  The rotation was sufficient to mobilize flange binding, as 
seen in Figure 4.144, but the axial forces in the shear connections remained compressive.  This 
allowed negative composite moments sufficient to attract significant shear forces, as shown in 
Figure 4.145.  Again, the shear forces exceeded the design capacities of the connections.  Since 
shear damage was not included in the connection model, the impact of this is not clear.  It is 
possible that the relaxation resulting from ductile shear damage of the connection (with the limit 
state being block shear rupture) would allow the connection to remain largely intact, but it would 
be safe to say that this is undesirable and that the connection should be redesigned to withstand 
higher shear loads to prevent possible failure and the corresponding loss of axial force. 
On the opposite side of the column (the south side of column C2), the axial forces were 
transferred through with some reduction while the shear forces were largely unaffected from 
their pre-column-loss values. 
The shear connections to the infill beams in the compromised panels were affected less 
than those to the column-line infill beams, as the rotations were approximately 2/3, and 1/3 the 
magnitude for the closer and farther rows of infill beams to column line C, respectively.  
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Furthermore, due to the approximately symmetric response about column line C, the results were 
mirrored about column line C.  The connections in panels 5 and 6 saw slightly higher demands as 
the displacements were biased just to the north of column line C (due to the shear connections 
between the exterior beams at columns B1 and C1), so they were chosen to be presented here. 
The most highly-loaded of the panel infill beams were those at the south-west corner of 
panel 5.  They were subjected to negative rotations, and thus saw compressive axial demands, as 
shown in Figure 4.146.  The axial forces remained below the connection capacities as well as the 
shear forces given in Figure 4.147.  On the opposing side of the girder, the axial forces carried 
through unchanged while the shear forces remained nearly the same as the pre-column-loss static 
values. 
At the other end of the infill beams at the edge of the building, the flexible boundary 
conditions prevented the connections from attracting any real axial or shear force, as Figure 
4.148 and Figure 4.149 show.  The minimal shear forces indicate that slab two-way action 
transferred load directly into the perimeter girder, rather than into the infill beam alone. 
It is clear from these results that the panel infill beams were neither subject to significant 
demands nor contributed meaningfully to load redistribution.  The cantilever orientation and 
small rotations simply did not impose significant enough deformations on the flexible 
connections to mobilize large connection forces or flange binding which would have allowed 
them to transfer more load away from the compromised panels. 
4.3.6.6 Behavior of Columns 
As Figure 4.118 shows, there was significant panel zone deformation in the remaining 
portion of column C1 at the moment-connected beams due to the presence of significant positive 
restoring moments.  As the shear connections on the opposite side of the column had limited 
tensile capacity and low rotational stiffness, they provided little continuity through the column, 
thus leaving the column to be stressed very similarly to that of column A5 when it was lost 
(shown in Figure 4.12).  This comparison further illustrates the cantilever action of the moment 
frame which occurred here despite the presence of an adjacent shear-connected bay. 
Although these panel zones were highly stressed, the ductile nature of this deformation 
mechanism prevented failure, as no stresses reached the ultimate capacity of the steel.  The 
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deformation in the panel zone at floor 2 was less significant than at floor 3 or the roof, as the 
lower-level beams were more flexible and unable to apply moments of larger magnitude. 
The full moment connections on the opposing side of column D1 to the compromised bay 
provided restoring forces that minimized the moment demand and panel zone deformation in the 
column.  This allowed the stresses in the column to remain largely below yield. 
As in previous column-removal analyses, the surrounding columns had sufficient axial 
capacity to carry the additional redistributed loads.  Again, the total load on the structure was 
much less than that which the columns were designed for, which gave them significant reserve 
capacity for load redistribution. 
4.3.7 Performance and Behavior for Loss of Column D1 
As with the loss of column C1, the structure was able to arrest collapse following the loss 
of column D1.  In this case, the structure had the benefit of full moment frames on both sides of 
the lost column, which offered more strength and stiffness to redistribute load than the single 
adjacent moment bay for column C1 loss.  This resulted in a reduced maximum vertical 
deflection of only 4.9 inches, occurring much sooner after column loss at 0.240 seconds.  This is 
shown in Figure 4.110, while the lateral displacement time histories are given in Figure 4.111 
and Figure 4.112.  The lateral displacement time-histories also indicate the response was more 
symmetric and stable.  Computed gross connection rotations were much smaller as well, peaking 
at 0.014 radians, as seen in Figure 4.113. 
The displacement contours presented in Figure 4.150 show that while the overall 
deformation patterns were very similar to those for the loss of column C1, the contours 
immediately surrounding the lost column are more rounded and gradual.  This was due to the 
moment connections on both the east and west sides of the lost column which forced the 
rotations, and hence displacements, to be distributed more gradually along the perimeter frame, 
whereas the shear connections in the previous column-loss case allowed most of the rotation to 
occur directly at the connections.   
The peak stress in the framing was also less than during column C1 loss.  As Figure 
4.151 shows, the peak stress was only 68.4 ksi (versus 82.3 ksi for column C1 loss) and well 
below the ultimate strength of 84 ksi used for the A992 steel.  This indicates that the framing and 
connections are unlikely to fail, although the ductility of the welded flange moment connections 
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is still a concern and will be discussed in more detail in a later section examining the moment 
connections. 
4.3.7.1 Load Redistribution 
Unlike the case of column C1 loss, the moment frame extended on both sides of column 
D1, which provided sufficient capacity to bridge over the lost column without failure or damage 
to any connections.  The perimeter moment beams in bays C1-D1 and D1-E1 acted as single 
double-length beams with continuity through the remaining portion of column D1.  This is 
visualized in Figure 4.151 which shows that the beams deformed as individual 60 foot long 
continuous beams.  The lack of continuing moment connections on the east side of column C1 
allowed slightly more end rotation due to moderate plastic panel zone deformation.  Due to the 
continuing moment frame on the opposite end of the double span (at column E1), the rotations 
remained small and the panel zone deformations remained elastic.  This resulted in more load 
being transferred into column E1 than C1. 
As the primary load-redistribution mechanism was continuous beam action between 
columns C1 and E1, these two columns carried most of the redistributed load following the loss 
of column D1.  Figure 4.152 shows that these two columns saw dramatic increases in axial load 
while the next adjacent column D2 saw only a small increase, as seen in Figure 4.153.  With only 
shear connections, the column-line infill beams in bay D1-D1 could not transfer as much load as 
the stiffer moment frames. This is also shown in Figure 4.154, which presents the peak column 
base reactions as ratios to the pre-column-loss static force, and Figure 4.155 which gives the 
maximum increase.  These figures confirm that the two adjacent perimeter columns carried the 
majority of additional force, with column E1 seeing a slightly higher load than column C1 (with 
increases of 186 kips and 155 kips, respectively).  The shear-connected framing to column D2 
aided in transferring an additional 86 kips.  Some contribution of the infill beams and slab two-
way action was also evident, as columns C2 and E2 in the outer corners of the compromised 
panels saw about 30 kip force increases, more than the average 10 kips values seen in previous 
column-loss scenarios at far-away columns due to dynamic effects alone. 
The mobilization of the perimeter moment frame is also seen in the in-plane lateral forces 
at the column bases, shown in Figure 4.156.  Not only do these plots indicate that columns C1 
and E1 carried significant moment, but that with the higher peak lateral force, column C1 carried 
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more.  Without moment-connected beams on the opposite side of the compromised column (as 
column E1 has), the columns were forced to carry more moment. 
4.3.7.2 Behavior of Steel Deck 
Due to the minimal displacement at the lost column and the capacity of the moment 
frame, the steel deck was relatively lightly stressed with most of it well below the yield threshold 
of 30 ksi.  This is shown in Figure 4.157.  Only a few localized regions reached yield.  The 
regions of  highest stress due to the column loss were located at the edge of the compromised 
panels (panels 5 and 9), which was due to negative bending in which the deck contributed tensile 
force as the concrete cracked above it.  The vast majority of the deck within the compromised 
panels remained below 20 ksi, indicating that the deck would behave well during column loss 
without failure. 
4.3.7.3 Behavior of Concrete Slab 
With the primary load redistribution mechanism being continuous beam action across the 
new double span, large positive moments were created at the center through column D1.  These 
positive moments developed significant composite action with compression in the concrete slab 
and tension in the wide-flange sections.  The in-plane compressive stress contour plot at the top 
surface of the concrete slab in Figure 4.158 shows concentrated regions of stress near the 
perimeter beams at column D1 where composite action was the most significant.  These 
compressive stresses decreased on either side of the column in the north-south direction as the 
positive moment decreased.  There were also regions in compression over the infill beams in 
compression which indicated some weak composite action and load redistribution as alluded to 
earlier. 
Despite the significant composite action developing near column D1, the peak 
compressive force was 4.5 ksi, below the 5 ksi crushing strength of the concrete, indicating that 
concrete failure would not occur. 
4.3.7.4 Behavior of Moment Connections 
With the perimeter moment frame providing the most load redistribution, the moment 
connections in bays C1-D1 and D1-E1 were the most highly loaded.  As Figure 4.151 shows, 
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stresses in these regions often exceeded yield, indicating that the connection demands were 
significant and extended into the inelastic region. 
The moment connections on both sides of column D1 were highly stressed in both 
moment and axial tension as they were at the center of the double-span continuous beam action 
between columns C1 and E1.  As the forces and moment were very similar on both sides due to 
composite action and force continuity through the remaining column, the data primarily from the 
connections to the east side of column D1 are presented here.   
The section interaction diagram in Figure 4.159 shows that the axial component of 
loading was significant at the connections but that none of the three floors exceeded plastic 
section yield.  Composite action, however, caused the neutral axis to move above the top of the 
beam, as indicated by the individual flange axial forces given in Figure 4.160.  This placed the 
entire beam sections in tension with the concrete slab carrying the opposing compression couple 
force.  This resulted in very high axial forces in the lower beam flanges, causing all of them to 
surpass yield.  The high axial forces are also seen in Figure 4.161 which gives the net axial 
forces for the entire connection cross-section.  Figure 4.162 illustrates that the peak shear forces 
were well below the capacity of the bolted web shear connection.  They settled near zero, as the 
point of maximum positive moment was near the center of the double span at column D1.  The 
exact point of maximum moment was not at column D1, however, as the more flexible end 
condition at column C1 when compared to column E1 shifted the point of maximum moment 
(and thus the point of zero shear) farther east toward column C1. 
At the edges of the double-span condition, the connection demands were also very high 
due to large negative moments and shear forces transferring redistributed load into the attached 
columns.  Those to column E1 were higher than at column C1 as the greater rigidity provided by 
the moment beams on the other side as well as the stiffer column (a W14x99 instead of a 
W14x74) allowed higher negative moments to develop.  Figure 4.163 shows that the moment-
axial force interactions were all within the plastic section capacities, and that moment was 
dominant, unlike the connections to column D1.  The flange axial forces given in Figure 4.164 
also illustrate moment-dominant behavior, but show that the forces in the lower flanges at all 
floors and the upper flange at floor 2 exceeded yield.  This indicates that there was some 
composite action in negative bending provided by tensile capacity of the slab reinforcement and 
steel deck.  This was much less significant than the compressive capacity mobilized in positive 
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bending, however.  The net compressive forces are provided in Figure 4.165 and were 
approximately proportional to the beam size.  The shear forces were high due to load flowing to 
column E1, as seen previously, and are shown in Figure 4.166.  They exceeded the bolted shear 
connections’ capacities at each floor, but failure did not occur because the welded flanges also 
carried shear.  This was reflected by the increase in flange bending moments, given in Figure 
4.167. 
Much of the moment demand on the connections at the east side of column E1 was 
attracted by the column before reaching the beam connections on the west side.  This is shown 
by the significantly lower interaction values in Figure 4.168, which were all within their elastic 
capacities.  The interaction diagram also illustrates that while moment decreased significantly 
through the column, the axial force magnitudes decreased only slightly.  The shear forces were 
largely unaffected, with only small increases, far below the capacity of the bolted web shear 
connections. 
At the other end of the double-span condition at column C1, the moment connection 
demands were also high, but slightly smaller than at column C1 for the reasons discussed 
previously.  The interaction diagram in Figure 4.169 shows that, again, all demands were within 
the plastic section range.  The flange axial forces in Figure 4.170 show that unlike the 
connections at the east side of column E1, only the second floor exceeded the yield forces.  The 
greater flexibility of column C1 and absence of restoring moment connections on the opposing 
side prevented larger moments from developing and generating larger flange couple forces.  The 
limited axial stiffness and capacity of the shear connections on the east side of the column also 
decreased the negative-bending composite action.  This resulted in more balanced couple forces, 
as seen in Figure 4.170, when compared to those for the connections on the east side of column 
E1, shown in Figure 4.164.  The net axial forces were also smaller and less consistent, as Figure 
4.171 illustrates.  The much higher axial force in the roof level connections and lower forces at 
floors 2 and 3 were likely due to lateral sway, where the framing at the top leaned toward the lost 
column, relaxing the compression forces in the lower floors.  The shear forces here again 
exceeded the capacity of the bolted web connections alone, as seen in Figure 4.172, which 
caused significant shear to be carried in the welded beam flanges and mobilized local flange 
bending moments as seen in Figure 4.173. 
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4.3.7.5 Behavior of Shear Connections 
There were a significant number of simple shear connections affected by the loss of 
column D1.  While they did not contribute nearly as much to redistributing load as the moment 
connections, they were still loaded significantly. 
The shear connections to the east side of column C1 resisted compressive force imposed 
by the negative bending by the moment connections on the other side.  As these shear 
connections contained only three bolts, however, they were flexible and did not provide much 
resistance, as the axial forces in Figure 4.174 show.  These forces remained within the capacities 
of the connections, as well as the shear forces. 
At the column-line infill beam connections on the south side of column D1, positive 
rotations were imposed as the column displaced downward.  The flexibility of the column web, 
however, accommodated some of this rotation, reducing the overall demand on the connections.  
Coupled with the flexibility of the bolted connections and the small overall displacement at the 
compromised column, this resulted in both the axial and shear demands remaining below the 
connection capacities, as seen in Figure 4.175 and Figure 4.176. 
At the other end of the column-line infill beams in bay D1-D1, the rotations were 
negative, resulting in compressive axial forces, as shown in Figure 4.177.  The peak forces, 
however, remained below the connection capacities and the rotation was not large enough to 
mobilize flange binding with the column.    The shear forces shown in Figure 4.178 were 
significant and exceeded the design capacity of the bolted shear connections, which was 
consistent with the load redistribution into column D2 seen previously.  As shear damage was 
not included in the connection model, the impact of this is not clear.  It is possible that the 
relaxation resulting from ductile shear damage of the connection (with the limit state being block 
shear rupture in this case) would allow the connection to remain largely intact, but would be safe 
to say that this is undesirable and the connection should be redesigned to withstand higher shear 
loads to prevent possible failure. 
On the other side of column D1 (the south side), the axial forces were nearly identical, as 
the connections transferred force directly through the flexible column web.  The shear forces 
were largely unaffected from the pre-column-loss static values showing only the typical and 
insignificant dynamic oscillations. 
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The demands on the shear connections to the infill beams in the compromised panels 
were affected less than the column-line infill beams, as the rotations were approximately 2/3, and 
1/3 the magnitude for the closer and farther rows of infill beams to column line D, respectively.  
Furthermore, due to the approximately symmetric response about column line D, the results were 
mirrored about column line D.  Thus, only those in the first row east of column line D are 
presented 
The most highly-loaded of the panel infill beams were those at the south-west corner of 
panel 9.  They were subjected to negative rotations, and thus saw compressive axial demands, as 
shown in Figure 4.179.  The axial forces remained below the connection capacities as did the 
shear forces given in Figure 4.180.  On the opposing side of the girder, the axial forces carried 
through unchanged while the shear forces remained nearly the same as the pre-column-loss static 
values. 
At the other end of the infill beams at the edge of the building, the flexible boundary 
conditions prevented the connections from attracting any noteworthy axial or shear force, as 
Figure 4.181 and Figure 4.182 show. 
It is clear from these results that the panel infill beams were neither subject to significant 
demands nor contributed meaningfully to load redistribution.  The cantilever orientation and 
small rotations simply did not impose significant enough deformations on the flexible 
connections to mobilize large connection forces or flange binding which would have allowed 
them to transfer more load away from the compromised panels. 
4.3.7.6 Behavior of Columns 
As Figure 4.151 shows, there was significant panel zone deformation in the remaining 
portion of column C1 at the moment connected beams due to applied negative moments by the 
perimeter beams.  As the shear connections on the opposite side could not provide sufficient 
restoring moments, this panel zone deformation extended into the inelastic range.  This was 
similar to the panel zone behavior of column A5 when it was lost (shown in Figure 4.12), 
indicating that the shear-connected beams provided little continuity. 
Although these panel zones were highly stressed, the ductile nature of this deformation 
mechanism is acceptable and all stresses remained within the capacity of the steel.  The 
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deformation in the panel zone at floor 2 was less significant than at floor 3 or the roof, as the 
lower-level beams were more flexible and unable to apply moments of larger magnitude. 
Column E1 did not see panel zone deformation extending into the inelastic range, 
partially due to the presence of moment connections on the opposite side, but also due to the 
larger column size (W14x99 instead of the W14x74 used for column C1). 
Again, as with all previous column-loss scenarios, the axial and moment capacity of the 
columns were sufficient to withstand the additional demands imposed following column failure. 
4.3.8 Discussion of Perimeter Column Loss along Column Line 1 
Out of the three column locations analyzed along column line 1, the structure was able to 
clearly arrest collapse for two.  In the case of the third (column B1), the finite element model did 
not predict full collapse of the affected region, but the load redistribution depended heavily on 
the strength and uniform ductility of the steel deck, which was not representative of physical 
construction.  This column was connected to the structure with only gravity framing in each 
direction, which initially mobilized composite action following column loss.  The shear 
connections between the framing in column line 1 to the lost column did not have sufficient axial 
capacity to support adequate positive-bending composite action, however, and failed.  This left 
the steel deck as the only component left tying the compromised portion of the structure together.  
The model used for the steel deck included the orthotropic stiffness behavior of physical 
decking, but did not include the reduced strengths at end and lap splices.  Thus, with only the 
deck spanning over the failed shear connections, collapse arrest could not be established with 
certainty. 
The other two columns analyzed in column line 1 had moment connectivity to the 
structure, providing adequate capacity to arrest collapse.  The structure was able to bridge over 
the loss of column C1 even though it had moment framing on only one side, as the cantilevering 
capacity from the moment frame complemented the composite action offered by the shear-
connected framing on the other side, preventing complete connection failure as in column B1 
loss.  Column D1 included moment framing on both sides which provided adequate strength to 
bridge over the failed column with relatively small displacements. 
 127 
 
4.4 INTERIOR COLUMN REMOVAL IN THE THREE-STORY BUILDING 
Four scenarios of interior column loss were analyzed: Columns B2, B3, C2, and C3.  
These four columns represent each possible combination of proximity to the building edge in 
relation to the infill beam orientation.  Column C3 represents a ―full‖ interior column loss 
scenario where effects due to being near the perimeter should be negligible.  The large number of 
column locations was chosen to allow the effect of continuity and proximity to the building 
perimeter to be fully examined. 
The displacement results for the three column removal cases along column line A are 
shown in Figure 4.183 through Figure 4.185 and the gross computed connection rotations are 
shown in Figure 4.186. 
4.4.1 Performance and Behavior for Loss of Column B2 
Despite the lack of any moment-connected members, the structure was able to arrest 
collapse following the loss of column B2.  Without moment continuity, composite action 
mobilized and allowed the shear-connected infill beams and girders to bridge over the lost 
column, albeit with a significant peak vertical displacement of 17.4 inches occurring 0.365 
seconds following column loss.  This can be seen in Figure 4.183. 
The displacement contours in Figure 4.187 show that the deformation was symmetric 
about the lost column and suggests that the framing members rotated about their connections 
while remaining primarily straight.  This is clearly evident in Figure 4.188, which shows that 
there was minimal curvature along beam lengths.  Only the girders in bays A1-B1-C1 and A3-
B3-C3 showed much curvature, which was a result of load redistribution from the infill beams in 
the compromised panels.  All floors displayed nearly identical behavior as the members were the 
same size and configuration and loads at each floor were very similar (only the roof differed, 
having a slightly smaller dead load). 
Also seen in Figure 4.188 is the peak stress in the framing members which was 65.2 ksi, 
well below the ultimate strength of 84 ksi used for the A992 steel material model.  Outside of 
limited regions of high stress, most of the members remained elastic due to the weaker 
connections accommodating the majority of deformation and damage.  This indicates that failure 
due to overall material stresses would not occur and any failure would be limited to local 
connection details not explicitly modeled. 
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4.4.1.1 Load Redistribution 
Without moment framing connected to the lost column in any direction, composite action 
was the only means of load redistribution.  Although the peak displacement was moderate, 
catenary action did not appear to be mobilized, as connection axial forces at the perimeter of the 
compromised panels were compressive except for several at the edge of the structure.  At these 
perimeter locations, the absence of continuity beyond the connection prevented negative-bending 
composite action and allowed minimal catenary action to develop.  Where there was structural 
continuity at the edges of the compromised panels, however, all connections displayed 
significant compressive force and many mobilized lower beam flange binding due to the large 
rotations. 
In the center of the compromised panels at the lost column, very significant composite 
moments developed in all four directions out from the column on all floors.  This placed the 
concrete slab in compression to counter the tension in the shear connections.  The infill beams in 
the compromised panels also displayed this behavior along the girders in bays A2-B2-C2.  At the 
perimeter of the compromised panels, some negative-moment composite action was developed 
through tension in the slab reinforcement and steel deck and compression in the shear 
connections. 
With the more uniform stiffness and strength of all shear connections, the load 
redistribution was spread out across more columns than seen in perimeter column cases with 
stiff, strong moment frames that attracted most of the load.  In this case, most of the load was 
redistributed to the four columns directly adjacent to the lost column (columns A2, B1, B3, and 
C2), but the four columns without a direct framing connection also saw increased loads (column 
A1, A3, C1, and C3).  This is shown in the base reaction plots in Figure 4.189, Figure 4.190, and 
Figure 4.191. 
For the four directly adjacent columns, composite action allowed the infill beams in bays 
B1-B2 and B2-B3 and the girders in bays A2-B2 and B2-C2 to act as double-length spans 
through positive-moment composite action through their connections to column B2.  At the 
edges of the compromised panels where the structure continued (at columns B3 and C2), some 
negative-moment composite action developed, which further contributed to load redistribution 
and allowed them to carry more redistributed load.  Figure 4.192 shows the ratio of force 
increases for the columns surrounding the one which was removed.  Since those at the perimeter 
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were subject to smaller static loads before column loss than those at the interior, the ratios 
provide a good indicator of the increase in demand for each column, but cannot be used to assess 
the pattern of load redistribution.  For this, a graphic showing the increase in peak force at each 
column is given in Figure 4.193.  It shows that directly-adjacent columns in column line B 
carried the most additional force, with column B3 seeing a higher peak than column B1.  This 
was due to the continuity and negative composite moment capacity present at B3 that was not 
available at the edge of the building at B1.  Even though only columns in line B were directly 
connected to the lost column with infill beams, the other infill beams in all four compromised 
panels brought load into the girders at the north and south ends of the compromised panels (in 
bays A1-B1-C1 and A3-B3-C3), which in turn flowed into columns B1 and B3.  As the shear at 
the ends of these infill beams (which will be presented in a later section) did not account for the 
all of the load, it is also clear that the slab transfers noticeable load through two-way action and 
shear capacity.  The additional load transferred into these girders caused their stresses and 
deformations to increase noticeably, as visible in Figure 4.188. 
The adjacent columns located to the east and west of column B2 also carried significant 
additional load, as shown in Figure 4.193, but with only the girders and some two-way slab span 
action, the peak forces were less than those in column line B.  It is also apparent that the 
additional continuity at column C2 allowed the girders in bay B2-C2 to redistribute more load 
than those framing into column C1. 
Also apparent in Figure 4.193 is the additional load carried into the four columns at the 
corners of the compromised bays (columns A1, C1, A3, and C3).  With no direct connection to 
the lost column, this load was transferred through the infill beams and connected girders as well 
as two-way slab action, the same source of load transfer that resulted in columns B1 and B3 
carrying the most load. 
No significant lateral forces were mobilized at the column bases as there were no moment 
frames connected to the failed column and the shear connections did not possess sufficient 
negative moment stiffness, even through composite action, to transfer appreciable moments to 
outlying columns.  Only column B3 saw a noticeable increase in lateral force, as seen Figure 
4.194.  Since the girder-connected adjacent columns along column line 2 were oriented in the 
weak-axis direction, the lateral reactions were very minor and are not presented.  As the structure 
was largely symmetric in the area immediately surrounding the failed column, no out-of-balance 
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lateral forces were created (such as those seen in the case of column A2 loss), so the moment 
frames in column line A and lines 1 and 5 were not mobilized.  As all other lateral forces were 
insignificant, they are not presented explicitly. 
4.4.1.2 Behavior of Steel Deck 
As Figure 4.195 shows, the deck was highly stressed.  A significant area surrounding the 
lost column reached the yield level of 30 ksi and entered the plastic zone along with localized 
regions at the perimeter of the compromised panels where the deck was mobilized in tension to 
generate negative composite moments.  Even outside of the yielded zones, most of the deck 
within the compromised panels was stressed above 20 ksi, further illustrating the level of 
demand on it. 
Due to the large plastic regions, it is likely that the deck in a physical structure would 
suffer from local damage at puddle welds as well as end and lap splices in this column loss 
scenario.  This would negatively affect the force capacity and may influence the overall response 
of the structure.  It is likely, however, that the general performance of the structure would not be 
drastically impacted as the contribution from the deck is not significant.  Peak displacements 
would likely increase and other structural components and connections would probably see 
somewhat increased loads, however. 
4.4.1.3 Behavior of Concrete Slab 
Due to composite action being the primary load-redistribution mechanism, the concrete 
slab was highly stressed, particularly in the positive-bending regions surrounding column B2 and 
above the nearby infill beam connections to girders in bays A2-B2-C2.  The peak principle 
compressive stresses given in Figure 4.196 show that the crushing strength was exceeded in the 
small region directly around lost column B2.  Although the concrete model did not capture 
failure, the localized region above the crushing strength suggests that the overall response was 
not significantly affected by this lack of detail.  The stress contours show that not only did 
significant composite action develop in both in-plane framing directions extending through 
column B2, but that composite action was also mobilized for the infill beams in all four 
compromised panels as well as the girders in bays A1-B1-C1 and A3-B3-C3.  The composite 
moments were higher for the girders in bays A1-B1-C1 because they were smaller sections than 
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the interior girders (W21x44 instead of W21x68), so the same increase in force magnitude from 
the infill beams created a larger percent increase in moment demand.  This was a similar effect as 
seen in the column base reactions where perimeter columns saw smaller force increases, but 
larger percentage increases due to their smaller initial static loading. 
Even outside of the composite-action-induced regions of stress, the slab was stressed due 
to two-way span action and compression ring action as seen in other research endeavors (Sadek, 
El-Tawil and Lew 2008).  Two-way span action allowed compression to develop at the top of the 
slab employing the slab steel reinforcement and steel deck as tensile reinforcement.  Two-way 
action was more significant in this column removal case when compared to others as the 
displacements were larger and there were no moment frames to carry load.  Additionally, 
compression ring action can only develop for interior column removal cases, as all four 
quadrants surrounding the lost column must be present. 
4.4.1.4 Behavior of Moment Connections 
There were no moment connections directly to the lost column and the nearest sets in 
column lines A and 1 were not loaded beyond the oscillatory ―noise‖ resulting from dynamic 
effects.  Thus, there were no useful results from moment connections to present for this column 
removal scenario. 
4.4.1.5 Behavior of Shear Connections 
With composite action being the only significant load-redistribution mechanism, 
requiring large couple forces, shear connections for this column-loss scenario were subject to 
severe demands.  The highest demands on shear connections were tensile loading on connections 
to the lost column, as this was located at the center of the double-span condition which required 
large positive moments to bridge over the failed column.  Infill beam shear connections along the 
centerline of the compromised panels saw similar demands due to positive composite moment 
demands there as well.  At the perimeter of the compromised panels, compressive forces and 
binding action developed as negative composite moments were mobilized.  At the edge of the 
structure, however, continuity was not available to balance compressive forces and the 
corresponding connection demands were less significant than at interior locations.  Gross 
connection rotations peaked just below 0.05 radians, as seen in Figure 4.186.  These were within 
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the rotational capacities of the connections, but in combination with high tensile forces, resulted 
in some irreversible connection damage.  This indicates that it is important to consider more than 
the simple rotation or tensile load alone, as connection elements (e.g. bolts via various limits 
states) fail individually when subjected to a combination of rotation and tension and do not 
behave as one unitized connection. 
All connections to the failed column were loaded to their peak capacity and experienced 
some damage, although not all bolt connector elements reached full failure.  This included both 
the column-line infill framing beams in the north-south direction and the interior girders in the 
east-west direction.  These connections were all loaded in tension due to the positive composite 
moment that developed utilizing couple forces with compression in the slab and tension in the 
shear connections.  This required the same tensile force magnitudes on both sides of the column, 
so the data is generally only presented for connections on one side of column B2 (the lost 
column) in each direction, as the results were nearly identical on the opposing side. 
The shear connections to the interior girders on the east side of column B2 were initially 
loaded in compression due to static loads.  This was caused by a negative moment that formed 
due to moment continuity provided by the steel deck and slab reinforcement in tension.  Upon 
column removal, this force quickly reversed to tension as positive composite moments developed 
and reached the peak capacity of the connection elements, as shown in Figure 4.197.  Due to 
rotation at the connection, the lower bolts reached peak capacity and began to accrue damage 
before the upper bolts reached their peak force, which accounts for the peak below the idealized 
uniaxial tensile capacity of the connection.  By the time of peak displacement (at 0.365 seconds 
following column loss), the lower bolts at each floor had completely failed, the second row up 
had lost 90% of their capacity, the third row up had lost 65% of their capacity, and the third row 
had lost about 35% of their capacity.  The top row of bolts in each connection did not exceed 
their peak capacity and hence did not accumulate any damage.  Despite suffering significant 
damage, the connections remained intact due to their remaining strength and had sufficient shear 
capacity remaining to withstand any loadings in that direction, as Figure 4.198 shows.  As this 
connection was at the center of the double-span beam, the shear should have been near zero, but 
some prying action as observed in other shear connections and explained during the shear 
connection results for column A2 loss may have occurred, creating higher-than-expected shear 
forces. 
 133 
 
As mentioned earlier, the forces on the opposing side of the column (on the west side of 
column B2) were essentially the same as those just presented.  Connection damage was less, 
however, as the flexible column web allowed rotation in the direction of the western connection, 
causing the damage to be concentrated in the east connection.  This behavior was somewhat 
random, however, and the connections on both sides should be expected to suffer from similar 
damage. 
At the edge of the compromised span at the east side of column C2, the girder 
connections were loaded in compression and rotations were large enough to cause lower flange 
binding.  As discussed previously, these compressive axial forces resulted from limited negative-
moment composite action employing the slab reinforcement and steel deck to provide the tensile 
couple force to match the compressive force in the girder shear connection.  As Figure 4.199 
shows, these compressive forces were within the capacity of the connections and no connection 
damage occurred.  When the rotations reached a level sufficient to close the gap between the 
lower girder flanges and the column web, binding forces developed as seen in Figure 4.200.  The 
binding forces were significant and exceeded the forces found in the shear connections alone.  
The displacements were not large enough, however, for this binding action to place any of the 
bolt elements in tension, even those at the top.  As the girders were responsible for transferring 
additional load into column C2 (which was seen earlier), the shear forces increased, as shown in 
Figure 4.201.  The peak shear forces approached, but did not exceed the shear capacity of the 
connections. 
On the opposing side of column C2, the connection axial forces were very similar as they 
were easily transferred through the column web.  The binding forces were lower, however, as the 
column dissipated some of them as the column web was deformed to contact the beam flanges on 
the west side.  The shear forces were only slightly affected as they were not transferring load like 
those on the east side. 
At the other side of the compromised panels, the girder connections to the west side of 
column A2 saw much different forces due to the lack of continuity beyond the edge of the 
building.  Most notably, the axial forces were less significant, as Figure 4.202 shows.  Without 
framing on the opposing side of the column, the column web simply deformed, preventing large 
compressive forces from developing.  Similarly, while some binding occurred, as seen in Figure 
4.203, it was much less than at column C2.  While the shear force also increased due to load 
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redistribution, it too peaked at a lower value, as Figure 4.204 demonstrates.  With the reduced 
fixity due to lack of continuity, the negative composite moment was much lower resulting in less 
load being transferred in this direction.  This phenomenon was observed in the load 
redistribution analysis as well. 
In the other direction along column line B, similar behavior was seen in the column-line 
infill beams.  The axial forces on the connections at the north side of column B2 did reach the 
capacity of the connector elements, as seen in Figure 4.205, and again were less than the 
theoretical uniaxial capacity due to rotation.  The shallower connection (featuring only three 
bolts instead of five) limited the damage, however, and the lower rows of bolts only degraded by 
20%, the middle row 5%, while the top row was unaffected.  The shear demand was also 
significant, again likely due to the prying action seen before, and as Figure 4.206 shows, it just 
exceeded the theoretical design capacity of the connection.  Since shear damage was not 
included in the connection model, the impact of this was not clear.  It is possible that the 
relaxation resulting from ductile shear damage of the connection (with the limit state being block 
shear rupture in this case) would allow the connection to remain largely intact, but would be safe 
to say that this is undesirable and the connection should be redesigned to withstand higher shear 
loads to prevent possible failure and the corresponding loss of axial force that would be much 
more influential on the robustness of the structure. 
Again, the connection forces on the opposite side of column B2 (i.e., on the south side) 
were nearly identical, and are thus not presented separately here.  Unlike the girder connections, 
however, the connection damage on both sides was nearly identical as the strong axis stiffness of 
the column prevented damage from accumulating in connections on one side alone. 
At the edge of the compromised panels at the north side of column B3, the same 
compressive force and flange binding trends were seen as at the east side of column C2, except 
that the binding was significant enough to develop net tension in the shear connection, as Figure 
4.207 demonstrates.  Upon column loss, the axial force initially become more negative, as is 
typical, but when the lower flanges contact the supporting column, the beam began to rotate 
about this point, placing the bolted connection elements in tension.  The resulting tension in the 
bolted connection was not significant, and no irreversible damage occurred.  The binding forces 
were quite high, however, as shown in Figure 4.208, far exceeding the tension forces in the 
bolted connection alone.  This is potentially a source of strength, allowing greater negative 
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moment capacity and attracting more load from the double-length span than otherwise possible, 
as seen Figure 4.209.  Again, as the shear connection model did not incorporate shear failure, the 
consequences of the shear force exceeding the capacity of the bolted connection were not clear.  
As with the infill beam connections to column B2, it would be desirable to have more capacity to 
ensure adequate strength for this demand. 
At the south side of column B3, the axial forces were nearly identical, but binding did not 
occur as the strong axis of the column was oriented in the direction of the beams, preventing 
sufficient deformation to make contact.  The shear forces increased slightly, but remained well 
below the design shear connection capacity. 
At the other end of the double span of column-line infill beams at the south side of 
column B1, similar trends were seen as at the connections to column B3 except that the axial 
forces were smaller due to the lack of continuity at the edge of the structure.  The axial forces in 
Figure 4.210 were small and reversed sign upon connection binding, as seen in Figure 4.211.  
The peak axial and binding force magnitudes were about one-sixth of those at column B3 and the 
shear forces remained within the capacity of the connection, as shown in Figure 4.212.  Despite 
the smaller increases in shear force, there were substantial increases that corresponded to the 
transfer of load into column B1, which was investigated previously with the general load-
redistribution behavior. 
As alluded to previously, the infill beams within the panels also contributed to the load-
redistribution.  Those in the two rows nearest column line B saw the highest loads, with those in 
closer to column lines A and C saw the same general trends and behavior, only with peak force 
magnitudes of about one-half, corresponding to the rotation and deformation magnitudes of 
about one-half.  The response was essentially mirrored about column line B (the center of the 
four compromised panels, in the north-south direction), and with the observation that the outer 
rows behaved similarly with smaller peak forces, only one row of connections is presented.  The 
row selected is the western row in panels 1, 2, and 3. 
The connections to girders in bay A2-B2 in the south-west corner of panel 1 saw 
significant axial forces, due to positive-moment composite action as Figure 4.213 shows.  
Although some damage occurred in the lower bolts at each story, it was minimal, remaining 
below 2%.  As seen before, damage began to occur before the theoretical uniaxial strength was 
reached due to rotation that loaded the lower bolts before than the upper bolts.  The shear forces 
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also increased substantially, as seen in Figure 4.214, but remained below the capacity of the 
connections.  This increase was most likely due to the prying action discussed previously. 
The connections on the opposite side of the girders in bay A2-B2 showed nearly identical 
forces as did the companion connections mirrored about column line B in bay B2-C2. 
At the infill beam connections to girders in bay A3-B3, negative moment placed the shear 
connections in compression, as shown in Figure 4.215.  The compressive force remained within 
the capacity of the connection and no damage was incurred.  Although binding action occurred, 
it was insignificant and did not cause a reversal in the axial forces within the bolted shear 
connections.  The small binding forces are shown in Figure 4.216 where it can be seen that they 
did not exceed 2 kips.  The shear forces given in Figure 4.217 were largely unchanged, 
indicating that minimal load was redistributed through these infill beam connections. 
On the opposite side of the girders in Bay A3-B3, the axial forces were carried through 
essentially unchanged while the shear forces were nearly unaffected from their pre-column-loss 
values.  Due to the small binding on the north side, the girder web did not come into contact with 
the connections on the south side and no binding forces were mobilized.  Again, the companion 
connections mirrored about column line B in bay B3-C3 showed nearly identical behavior. 
At the opposite edge of the compromised panels in the north-west corner of panel 1, the 
infill beam shear connections to the girders in bay A1-B1 showed much lower forces.  Without 
continuity on the north side, compressive forces could not develop and the perimeter girders 
simply rotated with the infill beams.  This resulted in very minimal axial force increases, as seen 
in Figure 4.218.  The shear forces did increase somewhat, as shown in Figure 4.219, indicating 
that some load transfer occurred from the compromised panels into the girders. 
Again, the companion connections mirrored about column line B in bay B1-C1 showed 
nearly identical behavior. 
As described previously, the infill beam connections in the eastern line of panels 1, 2 and 
3 showed nearly identical behavior as those in the western row just presented, only the peak 
magnitudes were approximately one-half.  The same behavior was seen in the western row in 
panels 5, 6, and 7, mirrored about column line B.  In the interested of brevity, the detailed 
responses of these connections are not presented. 
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4.4.1.6 Behavior of Columns 
Without any moment frames in the areas directly affected by the column loss, there were 
no significant moment demands on any columns in the structure.  Thus, no panel zone 
deformations occurred and most stress increases in columns resulted from increased axial loads, 
although there were some localized stresses from flange binding, as can be seen Figure 4.188.  
This was most pronounced in column A2 where the deep interior girder in contact with the 
column web introduced deformation and stress.  The binding effects, however, did not 
significantly impact the performance of the columns and only caused local plastic deformations. 
Again, as with all previous column-loss scenarios, the axial capacity of the columns were 
sufficient to withstand the additional demands imposed by the column failure.  Even though most 
surrounding columns saw more than a 50% increase in load and the axial load in column B1 
more than doubled, the peak demands were less than the design strengths, as they were designed 
for the much higher 1.2D + 1.6L load combination (rather than the 1.0D + 0.25L combination 
used for the dynamic column-loss simulations). 
4.4.2 Performance and Behavior for Loss of Column B3 
The response of the structure to the loss of interior column B3 was very similar to that of 
column B2 loss.  This is logical, because the only real difference was an additional bay on the 
north side providing continuity at that edge of the compromised panels.  This additional 
continuity was beneficial, as it reduced the peak vertical displacement at the lost column to 14.6 
inches (versus 17.4 inches for column B2), occurring 0.350 seconds after column loss (versus 
0.365 for column B2).  The vertical displacement time history can be seen in Figure 4.183. 
The displacement contours in Figure 4.220 are nearly identical to those for column B2 
loss (shown in Figure 4.187) and indicate that the deformation was symmetric about the lost 
column.  It is also apparent that the framing members rotated about their connections while 
remaining primarily straight.  This is more clearly evident in Figure 4.221 which shows that 
there was minimal curvature along beam lengths.  Unlike the case for column B2, no girders 
showed much curvature, as all girders surrounding the compromised panels were the heavier 
W21x68 sections, which carry the load redistribution from the infill beams without the larger 
deflections seen in the lighter perimeter girders.  In addition to the additional continuity along the 
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north edge, the stiffer girders were also a likely contributor to the reduced peak displacement for 
this column removal scenario. 
All floors displayed nearly identical behavior as the members were the same size and 
configuration and loads at each floor were very similar (only the roof differed in having a 
slightly smaller dead load). 
The peak stress in the framing members was 62.1 ksi, as seen in Figure 4.221.  This was 
less than that seen for column B2 loss (which reached 65.2 ksi).  Outside of limited regions of 
high stress, most of the members remained elastic due to the weaker connections accommodating 
the majority of deformation and damage.  This further illustrates the benefit of the additional 
continuity at the north edge of the compromised panels. 
4.4.2.1 Load Redistribution 
As with column B2 removal, without moment framing connected to the lost column in 
any direction, composite action was the only means of load redistribution.  With the reduced 
peak displacement, catenary action was even less likely to form and evident only at the one set of 
connections at the edge of the structure (on the west side of column A3).  At this perimeter 
location, the absence of continuity beyond the connection prevented negative-bending composite 
action and allowed minimal catenary action to develop.  Where there was structural continuity at 
the edges of the compromised panels, however, all connections displayed significant 
compressive force and many mobilized lower beam flange binding due to large rotations. 
In the center of the compromised panels at the lost column, very significant composite 
moments were developed in all four directions out from the column on all floors.  This placed the 
concrete slab in compression to counter the tension in the shear connections.  The infill beams in 
the compromised panels also displayed this behavior along the girders in bays A3-B3-C3.  At the 
perimeter of the compromised panels, some negative-moment composite action was developed 
through tension in the slab reinforcement and steel deck and compression in the shear 
connections. 
As with the previous interior column removal case, the load redistribution was spread out 
to all eight nearby columns.  Most of the load was redistributed to the four columns directly 
adjacent to the lost column (columns A3, B2, B4, and C3), but the four columns without a direct 
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framing connection also saw increased loads (column A2, A4, C2, and C4).  This is shown in the 
base reaction plots in Figure 4.222, Figure 4.223, and Figure 4.224. 
For the four directly adjacent columns, composite action allowed the infill beams in bays 
B2-B3 and B3-B4 and the girders in bays A3-B3 and B3-C3 to act as double-length spans 
through positive-moment composite action through their connections to column B3.  At the 
edges of the compromised panels where the structure continues (at columns B2, B4, and C3), 
some negative-moment composite action developed, further contributing to load redistribution 
and allowing them to carry more redistributed load.  Figure 4.225 shows the ratio of force 
increases for the columns surrounding the one which was removed.  Since those at the perimeter 
were subject to smaller static loads before column loss than those at the interior, the ratios 
provide a good indicator of the increase in demand for each column, but cannot be used to assess 
the pattern of load redistribution.  For this, a graphic showing the increase in peak force at each 
column is given in Figure 4.226.  It shows that directly-adjacent columns in column line B were 
subjected to significant load increases, with columns B2 and B4 carrying nearly the same peak 
additional load.  This was due to the same structural continuity and negative composite moment 
capacity present at both columns.  Even though columns in line B were only directly connected 
to the lost column with infill beams, the other infill beams in all four compromised panels 
brought load into the girders at the north and south ends of the compromised panels (in bays A2-
B2-C2 and A4-B4-C4), which in turn flowed into columns B2 and B4.  As the shear at the ends 
of these infill beams did not account for the all of the load (which will presented in a later 
section), it is also clear that the slab transferred noticeable load through two-way action.  The 
additional load transferred into these girders caused their stresses and deformations to increase, 
as seen in Figure 4.221. 
The adjacent columns located to the east and west of column B2 also carried significant 
additional load, as shown in Figure 4.226, but with only the girders and some two-way slab span 
action, the peak force in column C3 was less than those in column line B.  Unexpectedly, 
perimeter column A3 saw the highest increase in peak force.  From the previous results for 
column B2, the force here should have been less than that at columns B2 and B4 and even less 
than that at column C3, which appeared to have more continuity.  The cause for this anomaly 
may have been a pronounced sharp spike in the reaction force at column A3 (visible in Figure 
4.222) that was not present in column A2 during column B2 loss (as seen in Figure 4.189).  This 
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behavior likely resulted from greater negative composite moment capacity of the girder at 
column A3, as column A3 was a larger wide-flange section and included full-depth stiffeners, 
which provided a much more rigid bearing support for binding action than the half-depth 
stiffeners in column A2. 
Also apparent in Figure 4.226 is the additional load carried into the four columns at the 
corners of the compromised bays (columns A2, C2, A4, and C4).  With no direct connection to 
the lost column, this load was transferred through the infill beams and connected girders as well 
as two-way slab action, the same source of load transfer that resulted in columns B1 and B3 
carrying the most load. 
Similar to the case of column B2 loss, no significant lateral forces were mobilized at the 
column bases.  With no moment frames connected to the failed column, the shear connections 
did not possess sufficient negative moment stiffness, even through composite action, to transfer 
appreciable moments to outlying columns.  In this case, both adjacent columns in column line B 
saw noticeable increases in lateral force, due to limited negative composite moment capacity at 
the column-line infill beam connections to the columns’ strong axis.  This can be seen in Figure 
4.227.  Since the girder-connected adjacent columns along column line 3 were oriented in the 
weak-axis direction, the lateral reactions were very minor and are not presented.  As the structure 
was largely symmetric in the area immediately surrounding the failed column, no out-of-balance 
lateral forces were created (such as those seen in the case of column B2 loss), so the moment 
frames in column line A and lines 1 and 5 were not mobilized.  As all other lateral forces were 
insignificant, they are not presented explicitly. 
4.4.2.2 Behavior of Steel Deck 
As Figure 4.228 shows, the deck was highly stressed, but due to additional continuity 
when compared to column B2 loss, the stress distributions were slightly different.  With the same 
continuity conditions at both the north and south ends of the compromised zone (at columns B2 
and B4), the deck showed a thin line of yield due to mobilized negative-bending composite 
moment capacity.  This allowed the plastic zone surrounding the lost column to be slightly 
smaller, which is evident when comparing Figure 4.228 to Figure 4.195.  Aside from the small 
difference in size, the shape of this region was still very similar. Outside of the yielded zones, 
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much of the deck within the compromised panels was stressed above 20 ksi, but the magnitude 
and size of these regions were diminished from those in the case of column B2 loss as well. 
Ultimately, the demands on the deck were still severe, and due to the large plastic 
regions, it is likely that the deck in a physical structure would suffer from local damage at puddle 
welds as well as end and lap splices in this column loss scenario.  This would negatively affect 
the force capacity and may influence the overall response of the structure.  It is possible, 
however, that the general performance of the structure would not be drastically impacted as the 
contribution from the deck is not significant.  Peak displacements would likely increase and 
other structural components and connections would probably see somewhat increased loads, 
however. 
4.4.2.3 Behavior of Concrete Slab 
Due to composite action being the primary load-redistribution mechanism, the concrete 
slab was highly stressed, particularly in the positive-bending regions surrounding column B3 and 
above the nearby infill beam connections to girders in bays A3-B3-C3.  The peak principle 
compressive stresses given in Figure 4.229 show that the crushing strength was exceeded in the 
small region directly around lost column B3.  Although the concrete model did not capture 
failure, the localized nature of the region above the crushing strength suggests that the overall 
response was not significantly affected by this lack of detail.   
The stress contours show that not only did significant composite action develop in both 
in-plane directions of steel framing extending across column B3, but that composite action was 
also mobilized for the infill beams in all four compromised panels as well as the girders in bays 
A2-B2-C2 and A4-B4-C4.  When compared to the slab stresses for column B2 loss given in 
Figure 4.196, however, it is apparent that the regions of high demand were very similar, but areas 
outside of these highly-stressed zones saw lower stresses.  This may be due to the stiffer and 
stronger girders along the north side which required less composite action (and hence stress) than 
the perimeter girders in column B2 removal.   
Even outside of the composite-action-induced regions of stress, the slab was stressed due 
to two-way span action and compression ring action as seen in other research endeavors (Sadek, 
El-Tawil and Lew 2008).  Two-way span action allowed compression to develop at the top of the 
slab employing the slab steel reinforcement and steel deck as tensile reinforcement.  Two-way 
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action was less significant in this column removal case than the previous interior column as the 
displacements were smaller, but with no moment frames to carry the load, it was still mobilized.  
Again, compression ring action can only develop for interior column removal cases, as all four 
quadrants surrounding the lost column must be present. 
4.4.2.4 Behavior of Moment Connections 
As with all of the interior column-loss scenarios, there were no moment connections 
directly to the lost column and the nearest sets in column lines A and 1 were not loaded beyond 
the oscillatory ―noise‖ resulting from dynamic effects.  Thus, there were no useful results from 
moment connections to present for this column removal scenario. 
4.4.2.5 Behavior of Shear Connections 
With a similar structural configuration and global response as the case of column B2 loss, 
the connection demands for the loss of column B3 were very similar.  The primary difference 
between the two was the presence of continuity on both the north and south edges of the 
compromised panels in this case, where it was only present on the south side for column B3 loss.  
This additional support not only resulted in nearly the same connection forces at similar locations 
in the north and south directions (mirrored about column line 3), but also reduced the overall 
deflection, as seen before.  The reduction in peak displacement also reduced the connection 
demands in some areas as the additional continuity allowed the forces to be redistributed more 
evenly. 
As in the case of column B2 loss, composite action was the only significant load-
redistribution mechanism and required large couple forces which placed large demands on the 
shear connections in this column-loss scenario.  The highest demands on shear connections were 
tensile loading on connections to the lost column, as this was located at the center of the double-
span condition which required large positive moments to bridge over the failed column.  Infill 
beam shear connections along the inner edges of the compromised panels saw similar demands 
due to positive composite moment demands there as well.  At the perimeter of the compromised 
panels, compressive forces and binding action developed as negative composite moments were 
mobilized. 
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As seen in Figure 4.186, the peak gross connection rotations were just over 0.04 radians, 
which were well within the rotational capacities of the connections.  The combination of tensile 
forces prevented using the rotation as the only measure of connection condition, however, as 
some irreversible damage occurred in connections subject to large tensile forces. 
All connections to the lost column were subject to significant tensile stresses which 
caused irreversible damage to some of the bolt elements in the connections.  The most heavily 
loaded were the girder connections in the east-west direction.  As the forces were essentially the 
same on both the east and west sides, only those for the east side are presented.  As Figure 4.230 
shows, axial force quickly developed following column loss, reaching a peak where connection 
damage began to accrue.  The theoretical uniaxial tensile capacity was not reached before 
damage ensued because rotation at the connection caused the lower bolt elements to reach the 
peak strength before the upper rows.  Thus, by the time of peak displacement (at 0.350 seconds 
following column loss), the lower bolts at each floor had lost 85% of their capacity, the second 
row up had lost 70% of their capacity, the third row up had lost 50% of their capacity, the fourth 
row had lost 30% of their capacity and the top row had just reached the peak strength.  It should 
be noted that these damage values are all less than the respective values for the comparable 
girder connections in the column-loss scenario for column B2.  Despite suffering substantial 
damage, the connections remained intact and had sufficient shear capacity, as Figure 4.231 
shows.  As this connection was at the center of the double-length composite span, the shear 
should have been near zero, but some prying action as observed in other shear connections and 
explained during the shear connection results for column A2 loss may have occurred, creating 
higher-than-expected shear forces. 
As mentioned earlier, the forces on the opposing side of the column (on the west side of 
column B3) were nearly the same as those just presented.  Connection damage was less, 
however, as the flexible column web allowed rotation in the direction of the western connection, 
causing the damage to be concentrated in the east connection.  This behavior was somewhat 
random, however, and the connections on both sides should be expected to suffer from similar 
damage since the side on which damage will be concentrated cannot be accurately predicted. 
At the edge of the compromised span at the east side of column C3, the girder 
connections were loaded in compression and rotations were large enough to cause lower flange 
binding.  As discussed previously, these compressive axial forces resulted from negative-
 144 
 
moment composite action employing the slab reinforcement and steel deck to provide the tensile 
couple force to match the compressive force in the girder shear connection.  As Figure 4.232 
shows, these compressive forces were within the capacity of the connections and no connection 
damage occurred.  When the rotations reached a level sufficient to close the gap between the 
lower girder flanges and the column web, binding forces developed, as seen in Figure 4.233.  
The binding forces were significant, but less than in comparable connections in the case of 
column B2 loss and did not exceed the axial forces found in the shear connections.  The 
displacements were also not large enough for this binding action to place any of the bolt 
elements in tension, even those at the top.  As the girders were responsible for transferring 
additional load into column C3 (which was seen earlier), the shear forces increased, as shown in 
Figure 4.234.  The peak shear forces approached, but did not exceed the shear capacity of the 
connections. 
On the west side of column C3, the connection axial forces were very similar as they 
were easily transferred through the column web.  The binding forces were lower, however, as the 
column attracted some force as the column web was deformed to contact the beam flanges on the 
west side.  The shear forces were only slightly affected from the pre-column-loss values. 
At the other side of the compromised panels, the girder connections to the west side of 
column A3 saw much different force behavior due to the lack of continuity beyond the edge of 
the building.  The axial forces were less significant, as Figure 4.235 shows, but they were much 
greater than the comparable connections to column A2 for column B2 loss.  The most likely 
cause of this difference was the full-depth column stiffeners and larger column section at column 
A3, which provided a stiffer anchorage point than the smaller column with only half-depth 
stiffeners at column A2.  This also resulted in much higher binding forces, as seen in Figure 
4.236.  The shear forces, however, did not increase as a result of the increased axial and binding 
forces when compared to those at column A2 for B2 loss, as Figure 4.237 demonstrates. 
In the other direction along column line B, similar double-length continuous-beam 
behavior was seen in the column-line infill beams.  The axial forces on the connections at the 
north side of column B3 did reach the capacity of the connector elements, as seen in Figure 
4.238, and again were less than the theoretical uniaxial capacity due to rotation.  The shallower 
connections (featuring only three bolts instead of five) limited damage, however, and the lower 
rows of bolts only degraded by 10%, while the top two rows were unaffected.  This damage was 
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again less than for comparable connections during column B2 loss.  The shear demand was also 
significant, again likely due to the prying action seen before, and as Figure 4.239 shows, it just 
exceeded the theoretical design capacity of the connection.  Since shear damage was not 
included in the connection model, the impact of this was not clear.  It is possible that the 
relaxation resulting from ductile shear damage of the connection (with the limit state being block 
shear rupture in this case) would allow the connection to remain largely intact, but would be safe 
to say that this is undesirable and the connection should be redesigned to withstand higher shear 
loads to prevent possible failure and the corresponding loss of axial force that would be much 
more influential on the robustness of the structure. 
Again, the connection forces on the opposite side of column B2 (i.e., on the south side) 
were nearly identical, and are thus not presented separately here.  Unlike the girder connections, 
however, the connection damage on both sides was nearly identical as the strong axis stiffness of 
the column prevented damage from accumulating in connections on only one side. 
At the edge of the compromised panels at the north side of column B4, the same 
compressive force and flange binding trends were seen as in the girder connections at the east 
side of column C3, as Figure 4.240 demonstrates.  Unlike in similar connections during column 
B2 loss, the rotations were not large enough to cause the axial forces to reverse to tension after 
column binding.  The binding forces were accordingly lesser, as seen in Figure 4.241, and still 
exceeded the axial forces in the bolted connection alone.  Despite the reduced binding action and 
altered axial force behavior, the shear force at the connection was nearly identical to that of 
comparable connections during column B2 loss, as Figure 4.242 shows.  Again, as the shear 
connection model did not incorporate shear failure, the consequences of the shear force 
exceeding the capacity of the bolted connection are not clear.  As with the infill beam 
connections to column B3, it would be desirable to have more capacity to ensure adequate 
strength for this demand. 
At the south side of column B4, the axial forces were nearly identical, but binding did not 
occur as the strong axis of the column was oriented in the direction of the beams, preventing 
sufficient deformation to make contact.  The shear forces increased slightly, but remained below 
the design shear connection capacity. 
The connection behavior was nearly identical at the other end of the double-length span 
of column-line infill beams at the south side of column B2, as the same continuity was present.  
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Although the data from the connections to column B4 could be mirrored about column line 3 and 
applied to those at column B2, the results were slightly different and will be presented here for 
the purpose of illustration.  At the south side of column B2, the axial force again was 
compressive and remained within the capacity of the connection, as seen in Figure 4.243.  Again, 
after initially increasing compressive force developed, flange binding was mobilized and reduced 
the compressive demand, in this case resulting in net axial force very near zero at the peak lost 
column displacement.  The binding forces themselves, given in Figure 4.244, were nearly 
identical to those at column B4 and although the shear forces were slightly smaller, they still 
exceeded the nominal design capacity of the connections, as seen in Figure 4.245. 
As seen in the column B2 loss scenario, the infill beams within the panels also saw 
significant connection demands.  When compared to those for column B2 loss, however, the 
peak demands were slightly less due to the smaller peak displacement and rotations and no 
damage was incurred.  The connections in the two infill beam rows nearest column line B saw 
the highest loads, while those in closer to column lines A and C saw the same general trends and 
behavior, only with peak force magnitudes of about one-half, corresponding to the rotation and 
deformation magnitudes of about one-half.  The response was essentially mirrored about column 
line B (the center of the four compromised panels, in the north-south direction), and with the 
observation that the outer rows behaved similarly with smaller peak forces, only one row of 
connections is presented.  The symmetry in continuity at both the north and south edges of the 
compromised panels also resulted in nearly symmetric behavior mirrored about column line 3.  
The row selected is the western row in panels 1, 2, 3, and 4. 
The connections to girders in bay A3-B3 in the south-west corner of panel 2 saw 
significant axial forces, due to positive-moment composite action as Figure 4.246 shows.  
Although the peak capacity was approached, no damage occurred in any floor.  The shear force 
also increased substantially, as seen in Figure 4.247, but remained below the capacity of the 
connections.  This increase was most likely due to the prying action discussed previously. 
The connections on the opposite side of the girders in bay A3-B3 showed nearly identical 
forces as did the companion connections mirrored about column line B in bay B3-C3. 
At the infill beam connections at the south edge of the compromised panels to girders in 
bay A4-B4, negative moment demand placed the shear connections in compression, as shown in 
Figure 4.248.  The compressive force remained within the capacity of the connection and no 
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damage was incurred.  Unlike connections in a similar location relative to lost column B2, no 
binding action occurred due to the reduced connection rotations.  The shear forces given in 
Figure 4.249 increased, but remained below the capacity of the connections. 
On the opposite side of the girders in Bay A4-B4, the axial forces were carried through 
essentially unchanged while the shear forces are nearly unaffected.  Again, the companion 
connections mirrored about column line B in bay B4-C4 show nearly identical behavior. 
At the opposite edge of the compromised panels (along the north edge at girders in bays 
A2-B2-C2) in the north-west corner of panel 2, the infill beam shear connections displayed very 
similar behavior to those just presented at the south edge, as the continuity across the supporting 
girders was the same.  Figure 4.250 shows the axial forces which can be compared favorably to 
those in Figure 4.248.  The shear forces given in Figure 4.251 also resemble those in Figure 
4.249. 
On the opposing side of the girders, the force trends were also similar to those seen for 
the south side of the compromised panels.  The axial forces transferred through the girders and 
the shear forces were largely unchanged from their pre-column-loss static values. 
As described previously, the infill beam connections in the eastern line of panels 1, 2, 3 
and 4 showed nearly identical behavior as those in the western row just presented, only the peak 
magnitudes were approximately one-half.  The same behavior was seen in the western row in 
panels 5, 6, 7, and 8, mirrored about column line B.  In the interested of brevity, the detailed 
responses of these connections are not presented.  As the results at column lines 2 and 4 have 
shown, a similar mirrored behavior could be applied about column line 3. 
4.4.2.6 Behavior of Columns 
The column behavior was nearly identical to that during column B2 loss.  Without any 
moment frames in the areas directly affected by the column loss, there were no significant 
moment demands on any columns in the structure.  Thus, no column panel zone deformations 
occurred and most stress increases in column resulted from increased axial loads alone, although 
there were some localized stresses from flange binding, as can be seen Figure 4.221.  These 
binding demands were particularly noticeable at column A3 as the stiffeners and large column 
section attracted more binding force than column A2 for column B2 loss.  The binding effects, 
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however, did not significantly impact the performance of the columns and only caused local 
plastic deformations. 
Again, as with all previous column-loss scenarios, the axial capacity of the columns were 
sufficient to withstand the additional demands imposed by the column failure.  Even though most 
surrounding columns saw more than a 50% increase in load, the peak demands were less than the 
available strengths, as they were designed with the much higher 1.2D + 1.6L load combinations 
(rather than the 1.0D + 0.25L combination used for the dynamic column-loss simulations). 
4.4.3 Performance and Behavior for Loss of Column C2 
The response of the structure following the loss of interior column C2 was similar to 
previous interior column removal cases (i.e. for columns B2 and B3).  The primary difference 
between the previous cases was the location of the lost column with respect to the edges of the 
building, with column C2 located two bays west from the east edge (perpendicular to the infill 
beams) and only one bay south of the north edge (parallel to the infill beams).  This was the same 
distance from the corner of the building as column B3, except the direction with two panels of 
continuity was perpendicular to the infill beams rather than parallel to them.  This also meant 
that both girders attached to the lost column had full continuity at their far ends.  This difference 
in location clearly had an effect, as the peak displacement was less than for column B3 loss, with 
a peak displacement of 13.7 inches (versus 14.6 inches for column B3), occurring 0.315 seconds 
after column loss (versus 0.350 seconds for column B3).  The vertical displacement time history 
can be seen in Figure 4.183. 
The displacement contours at the peak displacement appeared nearly exactly as for both 
previous interior column-removal cases, as Figure 4.252 shows.  The same symmetry 
surrounding the lost column was apparent, due to the same structure of shear-connected infill 
beams and girders with no moment-connected members within the compromised panels.  As 
before, this allowed the framing members to rotate about their connections while remaining 
primarily straight.  This is more clearly evident in Figure 4.253 which shows that there was 
minimal curvature along beam lengths.  Again, like the case for column B2, the smaller 
perimeter girders in bays B1-C1-D1 showed the most curvature, which was a result of load 
redistribution from the infill beams in the compromised panels. 
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All floors displayed nearly identical behavior as the members were the same size, in the 
same configuration, and loads at each floor were very similar (only the roof differed in having a 
slightly smaller dead load). 
Although it did not exactly follow the same trend as the displacements, the peak stress in 
the framing members was smaller than that of column B2 loss, at 63.9 ksi, as seen in Figure 
4.253.  For reference, it was 65.2 ksi for column B2 loss and 62.1 ksi for column B3 loss.  Of 
course, all of these are far below the ultimate strength of 84 ksi used for the steel framing 
material model and outside of limited regions of high stress, most of the members remained 
elastic due to the weaker connections accommodating the majority of deformation and damage. 
4.4.3.1 Load Redistribution 
As with the previous interior column removal scenarios, without moment framing 
connected to the lost column in any direction, composite action was the only means of load 
redistribution.  With the reduced peak displacement relative to the previous two cases, catenary 
action was even less likely to form and was not evident at any connections, even those at the 
edge of the structure.  Where there was structural continuity at the edges of the compromised 
panels, all connections displayed significant compressive force and many mobilized lower beam 
flange binding due to the large rotations.  This occurred even at the south side of column C1 
(when it did not at column B1 for column B2 loss) as the half-depth stiffeners in the column 
provided sufficient rigidity to develop some small negative composite moments. 
As with the previous interior column removal cases, the load redistribution was spread 
out to all eight nearby columns.  Most of the load was redistributed to the four columns directly 
adjacent to the lost column (columns B2, D2, C1, and C3), but the four columns without a direct 
framing connection also saw increased loads (column B1, B3, C1, and C3).  This is shown in the 
base reaction plots in Figure 4.254, Figure 4.255, and Figure 4.256. 
For the four directly adjacent columns, composite action allowed the column-line infill 
beams in bays C1-C2 and C2-C3 and the girders in bays B2-C2 and C2-D2 to act as double-
length spans through positive-moment composite action through their connections to column C2.  
At the edges of the compromised panels where the structure continued (at columns B2, D2, and 
C3), some negative-moment composite action developed, further contributing to load 
redistribution and allowing them to carry more redistributed load.  As the surrounding structure 
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was nearly identical in the east-west direction, the force increase ratios in Figure 4.257, were 
nearly mirrored about column line C.  The peak forces given in Figure 4.258 showed very similar 
trends and also illustrated that the edge of the building at column line 1 had little effect, as they 
were essentially the same as those along column line 3.  This figure also illustrates that the four 
adjacent columns contributed the most, and that those connected with infill beams in column line 
C contributed more than those connected with girders in column line 2.  This is counter-intuitive, 
as the larger girders with stiffer-stronger connections would be expected to redistribute more 
force.  The likely sources of this anomaly are additional load transferred through the panel infill 
beams into the girders in bays B1-C1-D1 and B3-C3-D3 that then carried load into columns C1 
and C3.  Two-way span action of the slab must also have been a contributing factor, as the shear 
reaction increased at the infill beam connections to the aforementioned girders did not account 
for all of the additional force in columns C1 and C3.  
The contribution of the infill beams and slab two-way action were also the mechanisms 
which transferred load into the otherwise unconnected columns at the outlying corners of the 
compromised panels (columns B1, B3, C1, and C3).  The increased loads at these columns were 
not nearly as significant as at the four directly-connected columns, but their contributions were 
useful nonetheless. 
Similar to the previous cases of interior column loss, no significant lateral forces were 
mobilized at the column bases.  With no moment frames connected to the failed column, the 
shear connections did not possess sufficient negative moment stiffness, even through composite 
action, to transfer appreciable moments to outlying columns.  Very similar to the case of column 
B2 loss, the adjacent interior column (column C3) saw noticeable increases in lateral force, due 
to limited negative composite moment capacity at the column-line infill beam connections to the 
columns’ strong axis.  The other adjacent column in this axis saw relatively a relatively smaller 
lateral base reaction, as it was oriented in the weak-axis direction.  Both of these behaviors can 
be seen in Figure 4.259.  Since the girder-connected adjacent columns along column line 2 were 
oriented in the weak-axis direction, the lateral reactions were very minor and are not presented.  
As with all previous interior column-removal cases, the structure was largely symmetric in the 
area immediately surrounding the failed column, so no out-of-balance lateral forces were created.  
Thus, the moment frames in column line A and in lines 1 and 5 were not mobilized.  As all other 
lateral forces were insignificant, they are not presented explicitly. 
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4.4.3.2 Behavior of Steel Deck 
As Figure 4.260 shows, the deck was highly stressed, but when compared to previous 
interior column-loss scenarios, the fully plastic region was less than one-half the size (The stress 
distributions for column B2 and B3 loss can be seen in Figure 4.195 and Figure 4.228, 
respectively). The shape and locations of the plastic regions were essentially the same, however, 
with narrow zones of yielding at the edge of the compromised panels due primarily to composite 
action in conjunction with the gravity framing.  A large region was again located surrounding the 
lost column where tensile capacity aided composite action but also likely provided some 
membrane capacity.  Outside of the yielded zones, less of the deck was stressed above 20 ksi 
when compared to the previous cases as well. 
Despite the reduced regions of stress in the deck, the demands were still severe, and due 
to the large plastic regions, it is likely that the deck in a physical structure would suffer from 
local damage at puddle welds as well as end and lap splices in this column loss scenario.  This 
would negatively affect the force capacity and may influence the overall response of the 
structure.  It is possible, however, that the general performance of the structure would not be 
drastically impacted as the contribution from the deck is not significant.  Peak displacements 
would likely increase and other structural components and connections would probably see 
somewhat increased loads, however. 
4.4.3.3 Behavior of Concrete Slab 
Due to composite action being the primary load-redistribution mechanism, the concrete 
slab was highly stressed, particularly in the positive-bending regions surrounding column C2 and 
above the nearby infill beam connections to girders in bays B2-C2-D2.  The peak principle 
compressive stresses given in Figure 4.261 indicate that the crushing strength was exceeded in 
the small region directly around lost column C2.  This peak was less than for the previous two 
interior column-removal cases, which follows the same trend of reduced demand previously seen 
in the steel deck.  Although the concrete model did not capture failure, the localized region above 
the crushing strength suggests that the overall response was not significantly affected by this lack 
of detail.   
The stress contours show that not only did significant composite action develop in all 
four in-plane directions extending out from column C2, but that composite action was also 
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mobilized for the infill beams in all four compromised panels as well as the girders in bays B1-
C1-D1 and B3-C3-D3.  This demand from composite action was more significant at the edge of 
the building because the perimeter girders were lighter sections and there was less available 
effective width in the slab.  When compared to the slab stresses for the previous interior column-
loss scenarios (given in Figure 4.196 and Figure 4.229 for columns B2 and B3, respectively), it is 
again apparent that the regions of high demand were very similar, but areas outside of these 
highly-stressed zones saw lower stresses. 
Just as in both previous cases, regions outside of the composite-action-induced regions of 
stress saw stresses in the slab due to two-way span action and compression ring action as seen in 
other research endeavors (Sadek, El-Tawil and Lew 2008).  Two-way span action allowed 
compression to develop at the top of the slab employing the slab steel reinforcement and steel 
deck as tensile reinforcement.  Two-way action was less significant in this column removal case 
than the previous interior column as the displacements were smaller, but with no moment frames 
to carry the load, it was still mobilized.  Again, compression ring action can only develop for 
interior column removal cases, as all four quadrants surrounding the lost column must be present. 
4.4.3.4 Behavior of Moment Connections 
As with all of the interior column-loss scenarios, there were no moment connections 
directly to the lost column and the nearest sets in column lines A and 1 were not loaded beyond 
the oscillatory ―noise‖ resulting from dynamic effects.  Thus, there were no useful results from 
moment connections to present for this column removal scenario. 
4.4.3.5 Behavior of Shear Connections 
With the same basic structural configuration and global response as the previous two 
column-removal cases, the connection demands for the loss of column C2 were very similar.  
The primary difference was, again, the continuity at the edges of the compromised panels.  The 
connection demands were slightly less than for the previous two interior column-loss scenarios, 
which was in keeping with the reduced relative displacement as well.  For this case, the 
connection forces were largely symmetric about column line C, as the structure and boundary 
conditions were the same along column lines B and D.  In the perpendicular direction, the forces 
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were noticeably different at column lines 1 and 3, as column line 1 is at the edge of the structure 
while column line 3 is in the interior. 
As in the previous interior column-removal cases, composite action was the only 
significant load-redistribution mechanism and required large couple forces, which placed large 
demands on the shear connections in this column-loss scenario.  The highest demands on shear 
connections were tensile loading on connections to the lost column, as this was located at the 
center of the double-length span condition which required large positive moments to bridge over 
the failed column.  The peak axial demands were slightly less than in previous cases, however.  
Infill beam shear connections along the centerline of the compromised panels saw similar 
demands due to positive composite moment demands there as well.  At the perimeter of the 
compromised panels where there was adequate continuity, compressive forces and binding action 
developed as negative composite moments were mobilized. 
As seen in Figure 4.186, the peak gross connection rotations were just under 0.04 radians, 
which were well within the rotational capacities of the connections.  The combination of tensile 
forces prevented using the rotation as the only measure of connection condition, however, as 
some irreversible damage occurred in connections subject to large tensile forces. 
Unlike in the two previous interior column-removal cases, only the girder connections to 
the lost column were loaded past the damage definition; in this case the column-line infill beams 
very nearly reached the point of incurring damage, but no damage occurred.  The most heavily-
loaded connections again were the girder connections in the east-west direction.  As seen 
previously, the forces were essentially the same on both sides, so only those for the west side are 
presented.  The axial forces given in Figure 4.262 show the same behavior seen before, with 
tension quickly increasing following column loss, reaching a peak where connection damage 
began to accumulate.  Again, the theoretical uniaxial tensile capacity was not reached before 
damage ensued because rotation at the connection caused the lower bolt elements to reach the 
peak strength before the upper rows.  Thus, by the time of peak displacement (at 0.315 seconds 
following column loss), the lower bolts at each floor had lost 50% of their capacity, the second 
row up had lost 40% of their capacity, the third row up had lost 25% of their capacity, the fourth 
row had lost 10% of their capacity and the top row was below the damage threshold.  It should 
be noted that these damage values are all less than the respective values comparable girder 
connections for both previous interior column-removal scenarios (for columns B2 and B3).  
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Despite suffering substantial damage, the connections remained intact and had sufficient shear 
capacity, as Figure 4.263 shows.  As this connection was at the center of the double-length span, 
the shear should have been near zero, but some prying action as observed in other shear 
connections and explained during the shear connection results for column A2 loss may have 
occurred, creating higher-than-expected shear forces. 
As mentioned earlier, the forces on the opposing side of the column (on the east side of 
column C2) were nearly the same as those just presented.  Connection damage was less, 
however, as the flexible column web allowed rotation in the direction of the western connection, 
causing the damage to be concentrated in the east connection.  This behavior was somewhat 
random, however, and the connections on both sides should be expected to suffer from similar 
damage since the side on which damage will be concentrated cannot be accurately predicted. 
At the edge of the compromised span at the east side of column D2, the girder 
connections were loaded in compression and rotations were large enough to cause lower flange 
binding.  As discussed previously, these compressive axial forces resulted from limited negative-
moment composite action employing the slab reinforcement and steel deck to provide the tensile 
couple force to match the compressive force in the girder shear connection.  As Figure 4.264 
shows, these compressive forces were within the capacity of the connections and no connection 
damage occurred.  When the rotations reached a level sufficient to close the gap between the 
lower girder flanges and the column web, binding forces developed as seen in Figure 4.265.  The 
binding forces were significant, but less than in comparable connections in the two previous 
column-removal cases and did not exceed the axial forces found in the shear connections.  The 
displacements were also not large enough for this binding action to place any of the bolt 
elements in tension, even those at the top.  As the girders were responsible for transferring 
additional load into column D2 (which was seen earlier), the shear forces increased, as shown in 
Figure 4.266.  The peak shear forces were well below the connection capacity and were less than 
comparable connections in the two previous column-loss scenarios. 
On the west side of column D2, the connection axial forces were very similar as they 
were easily transferred through the column web.  No binding occurred, however, as the column 
web was not deformed sufficiently to contact the beam flanges on the west side.  The shear 
forces were only slightly affected from the pre-column-loss static values as they were not 
transferring load as those on the east side. 
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At the other side of the compromised panels, the girder connections to the west side of 
column B2 saw very similar forces, as the continuity was essentially the same.  The axial forces 
were also very comparable, as Figure 4.267 shows, as were the binding forces as given in Figure 
4.268.  The shear forces seen in Figure 4.269 were also nearly identical.  Again, all forces at this 
location remained within the expected connection capacities. 
As expected, the connection forces on the opposite side of column B2 (i.e., on the east 
side) were nearly identical, and are thus not presented separately here. 
In the other direction along column line C, similar continuous-beam behavior was seen in 
the column-line infill beams.  The axial forces on the connections at the north side of column C2 
nearly reached the capacity of the connector elements, as seen in Figure 4.270.  Unlike the two 
previous column-loss cases, the connections did not experience damage, although the bottom 
row of bolts in each connection was loaded to its peak strength.  The shallower connection when 
compared to the girders in the other direction which did suffer damage (featuring only three bolts 
instead of five) required larger rotations to reach damage.  The shear demand was also 
significant, again likely due to the prying action seen before, and as Figure 4.271 shows, it only 
exceeded the theoretical design capacity of the connection at the roof level.  Since shear damage 
was not included in the connection model, the impact of this is not clear.  It is possible that the 
relaxation resulting from ductile shear damage of the connection (with the limit state being block 
shear rupture in this case) would allow the connection to remain largely intact, but would be safe 
to say that this is undesirable and the connection should be redesigned to withstand higher shear 
loads to prevent possible failure and the corresponding loss of axial force that would be much 
more influential on the robustness of the structure. 
Again, the connection forces on the opposite side of column C2 (i.e., on the south side) 
were nearly identical, and are thus not presented separately here. 
At the edge of the compromised panels at the north side of column C3, the same 
compressive force and flange binding trends were seen as at the east side of column B2, except 
that the binding significantly reduced the axial demand, as Figure 4.272 demonstrates.  Upon 
column loss, the axial force initial become more negative, as is typical, but when the lower 
flanges contact the supporting column, the beams began to rotate about this point, negating some 
of the compression in the bolt elements.  This was not significant enough to develop tension in 
the bolted connection and no irreversible damage occurs.  The binding forces were quite high, 
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however, as seen in Figure 4.273, far exceeding the tension forces in the bolted connection alone.  
While the axial forces were comparable to those in similar connections in the previous column-
loss scenarios, the binding forces were again smaller.  The shear was also reduced when 
compared to past cases, as Figure 4.274 shows, and again exceeded the nominal design capacity 
of the connections.  As the shear connection model did not incorporate shear failure, the 
consequences of the shear force exceeding the capacity of the bolted connection are not clear.  
As with the infill beam connections to column C2, it would be desirable to have more capacity to 
ensure adequate strength for this demand. 
At the south side of column C3, the axial forces were nearly identical.  The shear forces 
increased slightly from their pre-column-loss values, but the peaks were well below the design 
shear connection capacity. 
At the other end of the double span of column-line infill beams at the south side of 
column C1, similar trends were seen as at the connections to column C3 except that the axial 
forces were smaller due to the lack of continuity at the edge of the structure.  The axial forces in 
Figure 4.275 were small and became smaller upon connection binding, as seen in Figure 4.276.  
The peak axial and binding force magnitudes were about the same as previous interior column-
removal cases, unlike those at interior locations which were reduced.  It was likely the more 
flexible perimeter column was the cause, as larger rotations of the shear connection in past cases 
simply deformed the column more rather than accumulate larger binding forces.  The shear 
forces also remained within the capacity of the connection, as shown in Figure 4.277.  Despite 
the smaller increase in shear force, there was a substantial increase that corresponded to the 
transfer of load into column B1, which was investigated previously with the general load-
redistribution behavior. 
As alluded to previously, the infill beams within the panels also contributed to the load-
redistribution and saw noticeable connection demands.  Those in the two rows nearest column 
line C saw the highest loads, with those closer to column lines B and D saw the same general 
trends and behavior, only with peak force magnitudes of about one-half, corresponding to the 
rotation and deformation magnitudes of about one-half.  The response was essentially mirrored 
about column line C (the center of the four compromised panels, in the north-south direction), 
and with the observation that the outer rows behaved similarly with smaller peak forces, only one 
row of connections is presented.  The row selected is the western row in panels 5, 6, and 7.  
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Following the same trend as other connections for this column-removal case, the peak forces, 
particularly axial forces, were less than those for column-loss scenarios of columns B2 and B3.  
This was again consistent with this column-loss case (column C2) showing the smallest overall 
peak vertical displacement as compared to the other two. 
The connections to girders in bay B2-C2 in the north-west corner of panel 6 saw 
significant axial forces, due to positive-moment composite action as Figure 4.278 shows.  In this 
case, no damage occurred in any of the bolts in any each story.  The shear force also increased 
substantially, as seen in Figure 4.279, but remained below the capacity of the connections.  This 
increase is most likely due to the prying action discussed previously. 
The connections on the opposite side of the girders in bay B2-C2 showed nearly identical 
forces as did the companion connections mirrored about column line C in bay C2-D2. 
At the infill beam connections to girders in bay B3-C3, negative moment placed the shear 
connections in compression, as shown in Figure 4.280.  The compressive forces approached the 
connection capacities, but remained within it and no damage was incurred. In this column-
removal case, no binding action occurred due to the smaller rotations when compared to previous 
cases.  The shear forces given in Figure 4.281 were largely unchanged, indicating that minimal 
load was redistributed through these infill beam connections. 
On the opposite side of the girders in Bay B3-C3, the axial forces were carried through 
essentially unchanged while the shear forces were nearly unaffected.  Again, the companion 
connections mirrored about column line C in bay C3-D3 showed nearly identical behavior. 
At the opposite edge of the compromised panels in the north-west corner of panel 5, the 
infill beam shear connections to the girders in bay B1-C1 showed much lower forces.  Without 
continuity on the north side, compressive forces could not develop and the perimeter girders 
simply rotated with the infill beam.  This resulted in very minimal axial force increases, as seen 
in Figure 4.282.  The shear forces increased, but insignificantly, as shown in Figure 4.283, 
indicating that limited transfer was occurring through the infill beam connections and into the 
girders. 
Again, the companion connections mirrored about column line B in bay C1-D1 showed 
nearly identical behavior. 
As described previously, the infill beam connections in the eastern line of panels 5, 6 and 
7 showed nearly identical behavior as those in the western row just presented, only the peak 
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magnitudes were approximately one-half.  The same behavior was seen in the western row in 
panels 9, 10, and 11, mirrored about column line C.  In the interested of brevity, the detailed 
responses of these connections are not presented. 
4.4.3.6 Behavior of Columns 
Without any moment frames in the areas directly affected by the column loss, there were 
no significant moment demands on any columns in the structure.  Thus, no panel zone 
deformations occurred and most stress increases in column resulted from increased axial loads 
although there were some localized stresses from flange binding, as can be seen Figure 4.253.  
This was most pronounced in columns B2 and D2 where the deep interior girder in contact with 
the column web introduced deformation and stress.  The binding effects, however, did not 
significantly impact the performance of the columns and only caused local plastic deformations. 
Again, as with all previous column-loss scenarios, the axial capacity of the columns were 
sufficient to withstand the additional demands imposed by the column failure.  Even though most 
surrounding columns saw more than a 50% increase in load and the axial load in column C1 
more than doubled, the peak demands were less than the available strengths, as they were 
designed with the much higher 1.2D + 1.6L load combinations (rather than the 1.0D + 0.25L 
combination used for the dynamic column-loss simulations). 
4.4.4 Performance and Behavior for Loss of Column C3 
The response of the structure following column C3 loss was the most favorable of all the 
interior column-loss cases.  This column location featured full continuity at all four edges of the 
compromised panels, which provided more complete and balanced load-redistribution 
mechanisms than the previous column-loss scenarios.  This resulted in the smallest peak vertical 
displacement at the lost column, at 12.4 inches occurring 0.330 seconds following column-
removal.  Although the three previous column-loss cases displayed a consistent trend of shorter 
time periods to peak for diminishing peak displacement, this case did not.  When examining the 
time-history plots for the vertical displacement in Figure 4.183, it appears that the peak-
displacement behavior for this case was smoother where the others showed a sharper curve at the 
peak.  This allowed the peak displacement to occur slightly after that for column C2 loss (but 
still before the times for columns B2 and B3). 
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The displacement contours in Figure 4.284 show the same shapes as all previous interior 
column-loss cases.  Again, it was also apparent that the framing members rotated about their 
connections while remaining primarily straight, which can be seen more clearly in Figure 4.285.  
As in the previous cases, there was minimal curvature along beam lengths and rotations 
primarily occurred at connections.  With structural symmetry in both directions surrounding the 
lost column, the deformed shape of the framing was also symmetric.  Binding again occurred at 
the far ends of beams and girders connected to the lost column and the girders at the edges of the 
compromised panels saw increased stresses due to load redistribution. 
All floors displayed nearly identical behavior as the members were the same size, in the 
same configuration, and loads at each floor were very similar (only the roof differed in having a 
slightly smaller dead load). 
The peak stress in the framing members was 60.0 ksi, as seen in Figure 4.285 which was 
the smallest of any of the interior column-loss cases.  Outside of limited regions of high stress, 
most of the members remained elastic due to the weaker connections accommodating the 
majority of deformation and damage.  This reduction in stress when compared to the previous 
cases further illustrates the benefit of the additional continuity at the edges of the compromised 
panels. 
4.4.4.1 Load Redistribution 
As with all interior column removal, in the absence of any moment framing connected to 
the lost column, composite action was the only means of load redistribution.  Unlike all previous 
cases, however, there were no perimeters of the compromised panels at the edge of the building.  
This meant that all edges had complete continuity with respect to the framing, steel deck, and 
concrete slab and negative composite moments developed all edges.  The additional support 
provided by the continuity aided load redistribution and resulted in the decreased peak vertical 
displacement when compared to the other interior column-loss scenarios.  With the reduced peak 
displacement and full continuity at all edges of the compromised panels, catenary action did not 
occur.   
In the center of the compromised panels at the lost column, very significant positive 
composite moments were developed in both directions of framing through the lost column on all 
floors.  This placed the concrete slab in compression to counter tension in the shear connections.  
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The infill beams in the compromised panels also displayed this behavior along the girders in 
bays B3-C3-D3.  At the perimeter of the compromised panels, some negative-moment composite 
action was developed through tension in the slab reinforcement and steel deck and compression 
in the shear connections.  Many connections also mobilized lower beam flange binding due to 
the large rotations, which introduced additional compressive capacity. 
As with the previous interior column removal case, the load redistribution was spread out 
to all eight nearby columns.  Most of the load was redistributed to the four columns directly 
adjacent to the lost column (columns B3, D3, C, and C3), but the four columns without a direct 
framing connection also saw increased loads (column B2, B4, D2, and D4).  This is shown in the 
base reaction plots in Figure 4.286, Figure 4.287, and Figure 4.288. 
For the four directly adjacent columns, composite action allowed the column-line infill 
beams in bays C2-C3 and C3-C4 and the girders in bays B3-C3 and C3-D3 to act as double-
length spans through positive-moment composite action through their connections to column C3.  
At the edges of the compromised panels where the structure continued (at columns C2, C4, B3, 
and D3), some negative-moment composite action developed, further contributing to load 
redistribution and allowing them to carry more redistributed load.  As the surrounding structure 
was nearly identical in both the east-west and north-south directions, the force increase ratios in 
Figure 4.289, were nearly mirrored about column lines C and 3.  The peak forces given in Figure 
4.290 show very similar trends and also illustrate that the adjacent columns in column line C and 
carried more redistributed force than those in column line 3.  This is counter-intuitive, as the 
larger girders with stiffer-stronger connections would be expected to redistribute more force.  
The likely sources of this anomaly was additional load transferred through the panel infill beams 
into the girders in bays B2-C2-D2 and B4-C4-D4 that then carried load into columns C2 and C4.  
Two-way span action of the slab must also have been a contributing factor, as the shear reaction 
increases at the infill beam connections to the aforementioned girders do not account for all of 
the additional force in columns C1 and C3. 
The contribution of the infill beams and slab two-way action were also mechanisms 
which transferred load into the otherwise unconnected columns at the outlying corners of the 
compromised panels (columns B2, B4, C2, and C4.  The increased loads at these columns were 
not nearly as significant as at the four directly-connected columns, but their contributions were 
useful nonetheless. 
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Similar to the previous cases of interior column loss, no significant lateral forces were 
mobilized at the column bases.  With no moment frames connected to the failed column, the 
shear connections did not possess sufficient negative moment stiffness, even through composite 
action, to transfer appreciable moments to outlying columns.  Very similar to the case of column 
B3 loss, both adjacent interior columns in the north-south direction (columns C2 and C4) saw 
noticeable increases in lateral force, due to negative composite moment capacity at the column-
line infill beam connections to the columns’ strong axis.  This is shown in Figure 4.291.  Since 
the girder-connected adjacent columns along column line 3 were oriented in the weak-axis 
direction, the lateral reactions were very minor and are not presented.  As with all previous 
interior column-removal cases, the structure was largely symmetric in the area immediately 
surrounding the failed column, so no out-of-balance lateral forces were created.  Thus, the 
moment frames in column line A and in lines 1 and 5 were not mobilized.  As all other lateral 
forces were insignificant, they are not presented explicitly. 
4.4.4.2 Behavior of Steel Deck 
As Figure 4.292 shows, the deck reached the plastic range, but when compared to 
previous interior column-loss scenarios, the fully plastic region was much smaller (The stress 
distributions for column B2, B3, and C2 loss can be seen in Figure 4.195, Figure 4.228, and 
Figure 4.260, respectively). The shape and locations of the plastic regions were essentially the 
same, however, with narrow zones of yielding at the edge of the compromised panels due 
primarily to composite action in conjunction with the gravity framing.  A region was again 
located surrounding the lost column where tensile capacity aided composite action and also 
likely provided some membrane capacity.  Outside of the yielded zones, less than one-quarter of 
the deck was stressed above 20 ksi, which was significantly less when compared to the previous 
cases. 
With the markedly reduced sections loaded above yield, the expected damage in the deck 
would be much lower.  In the highly-stressed regions, however, it is still likely that the deck in a 
physical structure would suffer from local damage at puddle welds as well as end and lap splices 
in this column loss scenario.  This would negatively affect the force capacity and may influence 
the overall response of the structure.  As these regions are relatively small, however, the general 
performance of the structure would not be drastically impacted as the contribution from the deck 
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is not significant.  Peak displacements may increase slightly and other structural components and 
connections could see small increases in load, however. 
4.4.4.3 Behavior of Concrete Slab 
As with all other interior column-loss cases, composite action was the primary load-
redistribution mechanism which caused the concrete slab to be highly stressed.  The regions of 
high demand were concentrated in the positive-bending regions surrounding column C3 and 
above the nearby infill beam connections to girders in bays B3-C3-D3.  The peak principle 
compressive stresses given in Figure 4.293 indicate that the crushing strength was exceeded in 
the small region directly around lost column C3.  This peak was less than for the previous three 
interior column-removal cases, which follows the same trend of reduced demand previously seen 
in the steel deck.  Although the concrete model did not capture failure, the small, localized 
region above the crushing strength suggests that the overall response would not be significantly 
affected by this lack of detail.   
The stress contours also show that not only did significant composite action develop in all 
four in-plane directions extending out from column C3, but that composite action was also 
mobilized for the infill beams in all four compromised panels as well as the girders in bays B2-
C2-D2 and B4-C4-D4.  This demand from composite action was also spread across the 
compromised panels as a result of both action from the infill beams as well as two-way span 
action of the slab itself.  When compared to the slab stresses for the previous interior column-
loss scenarios (given in Figure 4.196, Figure 4.229, and Figure 4.261 for columns B2, B3, and 
C2 respectively), it was again apparent that the regions of high demand were very similar, but 
areas outside of these highly-stressed zones saw lower stresses. 
Just as in both previous cases, regions outside of the composite-action-induced regions of 
stress saw stresses in the slab due to two-way span action and compression ring action as seen in 
other research endeavors (Sadek, El-Tawil and Lew 2008).  Two-way span action allowed 
compression to develop at the top of the slab employing the slab steel reinforcement and steel 
deck as tensile reinforcement.  Two-way action was less significant in this column removal case 
than the previous interior column as the displacements were smaller, but with no moment frames 
to carry the load, it was still mobilized.  Again, compression ring action can only develop for 
interior column removal cases, as all four quadrants surrounding the lost column must be present. 
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4.4.4.4 Behavior of Moment Connections 
As with all of the interior column-loss scenarios, there were no moment connections 
directly to the lost column and the nearest sets in column lines A and 1 were not loaded beyond 
the oscillatory ―noise‖ resulting from dynamic effects.  Thus, there were no useful results from 
moment connections to present for this column removal scenario. 
4.4.4.5 Behavior of Shear Connections 
The general behavior of the shear connection forces was the same as seen for the 
previous interior column-loss scenarios.  With all edges of the compromised panels at least one 
bay away from the outer perimeter of the building, negative composite action formed at all 
edges.  With the same structural configuration and continuity in both the north-south and east-
west directions, the connection forces were also symmetric in these respective directions. 
As with all previous interior column-loss scenarios, composite action was the only 
significant load-redistribution mechanism and required large couple forces which placed large 
demands on the shear connections in this column-loss scenario.  The highest demands on shear 
connections were tensile loading on connections to the lost column, as this was located at the 
center of the double-length span which required large positive composite moments to bridge over 
the failed column.  Infill beam shear connections along the centerline of the compromised panels 
saw similar demands due to positive composite moment demands there as well.  At the perimeter 
of the compromised panels, compressive forces and binding action developed as negative 
composite moments were mobilized. 
As seen in Figure 4.186, the peak gross connection rotations were the smallest of any 
interior column-loss case at just under 0.035 radians, which were well within the rotational 
capacities of the connections.  The combination of tensile forces prevented using the rotation as 
the only measure of connection condition, however, as some irreversible damage occurred in 
connections subject to large tensile forces. 
All connections to the lost column were subject to significant tensile loading which 
caused irreversible damage to some of the bolt elements in the connections.  The most heavily 
loaded were the girder connections in the east-west direction.  As the forces were essentially the 
same on both the east and west sides, only those for the west side are presented.  As Figure 4.294 
shows, axial force quickly developed following column loss, reaching a peak where connection 
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damage began to accrue.  The theoretical uniaxial tensile capacity was not reached before 
damage ensued because rotation at the connection caused the lower bolt elements to reach the 
peak strength before the upper rows.  Thus, by the time of peak displacement (at 0.330 seconds 
following column loss), the lower bolts at each floor had lost 40% of their capacity, the second 
row up had lost 25% of their capacity, the third row up had lost 10% of their capacity, and the 
upper two rows remained below the damage threshold.  It should be noted that these damage 
values are all less than the respective values for the comparable girder connections in all three 
previous interior column-loss scenario.  Despite suffering substantial damage, the connections 
remained intact and had sufficient shear capacity, as Figure 4.295 shows.  As this connection was 
at the center of the double-span beam, the shear should have been near zero, but some prying 
action as observed in other shear connections and explained during the shear connection results 
for column A2 loss may have occurred, creating higher-than-expected shear forces. 
As mentioned earlier, the forces on the opposing side of the column (on the east side of 
column B3) were nearly the same as those just presented.  Connection damage was less, 
however, as the flexible column web allowed rotation in the direction of the western connection, 
causing the damage to be concentrated in the east connection.  This behavior was somewhat 
random, however, and the connections on both sides should be expected to suffer from similar 
damage since the side on which damage will be concentrated cannot be accurately predicted. 
At the west edge of the compromised span at the east side of column D3, the girder 
connections were loaded in compression and rotations were large enough to cause lower flange 
binding.  As discussed previously, these compressive axial forces resulted from limited negative-
moment composite action employing the slab reinforcement and steel deck to provide the tensile 
couple force to match the compressive force in the girder shear connection.  As Figure 4.296 
shows, these compressive forces were within the capacity of the connections and no connection 
damage occurred.  When the rotations reached a level sufficient to close the gap between the 
lower girder flanges and the column web, binding forces developed as seen in Figure 4.297.  The 
binding forces were significant, but less than in comparable connections in the three previous 
column-removal cases due to the reduced rotations.  The displacements were also not large 
enough for this binding action to place any of the bolt elements in tension, even those at the top.  
As the girders were responsible for transferring additional load into column D3 (which was seen 
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earlier), the shear forces increased, as shown in Figure 4.298.  The peak shear forces did not 
exceed the shear capacity of the connections. 
On the west side of column D3, the connection axial forces were very similar as they 
were easily transferred through the column web.  No binding occurred, however, as the column 
web was not deformed sufficiently to contact the beam flanges on the west side.  The shear 
forces were only slightly affected from the pre-column-loss static values as they were not 
transferring load as those on the east side. 
At the other side of the compromised panels, the forces to the girder connections on the 
west side of column B3 were very similar to those at the east side of column D3 due to the same 
continuity beyond the edge of the building.  The axial forces were nearly the same, as Figure 
4.299 shows, and the binding forces in Figure 4.300 are almost identical.  The shear forces given 
in Figure 4.301 show the same behavior, but the peaks are slightly lower than those at column 
D3.  Again, the axial forces on the other side of the column were nearly the same while no 
binding occurred and the changes in shear forces were negligible. 
In the other direction along column line C, similar continuous-beam behavior was seen in 
the column-line infill beams.  The axial forces on the connections at the north side of column C3 
nearly reached the capacity of the connector elements, as seen in Figure 4.302.  As with the case 
of column C2 loss, the connections did not experience damage, but in this case the bottom row of 
bolts in each connection was not quite loaded to its peak strength.  The shallower connection 
when compared to the girders in the other direction which did suffer damage (featuring only 
three bolts instead of five) required larger rotations to reach damage.  The shear demand was also 
significant, again likely due to the prying action seen before, and as Figure 4.303 shows, it only 
exceeded the theoretical design capacity of the connection at the roof level.  Since shear damage 
was not included in the connection model, the impact of this is not clear.  It is possible that the 
relaxation resulting from ductile shear damage of the connection (with the limit state being block 
shear rupture in this case) would allow the connection to remain largely intact, but would be safe 
to say that this is undesirable and the connection should be redesigned to withstand higher shear 
loads to prevent possible failure and the corresponding loss of axial force that would be much 
more influential on the robustness of the structure. 
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At the south side of column C3, the axial forces were nearly identical.  The shear forces 
increased slightly from their pre-column-loss values, but the peaks were well below the design 
shear connection capacity. 
At the edge of the compromised panels at the north side of column C4, the same 
compressive force and flange binding trends were seen as in the girder connections at the east 
side of column D3, as Figure 4.304  demonstrates.  As in similar connections during column C2 
loss, the rotations were not large enough to cause the axial forces to reverse to tension after 
column binding.  The binding forces were further reduced from the previous case, though, as 
seen in Figure 4.305, and were equal to the peak axial forces in the bolted connection alone.  
Despite the reduced binding action and different axial force behavior, the shear force at the 
connection was nearly identical to that of comparable connections during previous interior 
column loss, as Figure 4.306 shows.  Again, as the shear connection model did not incorporate 
shear failure, the consequences of the shear force exceeding the capacity of the bolted connection 
are not clear.  As with the infill beam connections to column C3, it would be desirable to have 
more capacity to ensure adequate strength for this demand.  Again, on the other side of column 
C4, the axial forces were nearly the same while no binding occurred and the changes in shear 
forces were negligible. 
At the other end of the double-length span of column-line infill beams at the south side of 
column C2, the forces were very similar to those at column C4 due to the same continuity 
beyond the edge of the building.  The axial forces were nearly the same, as Figure 4.307 shows, 
and the binding forces given in Figure 4.308 were comparable.  The shear forces shown in Figure 
4.309 displayed the same behavior, but the peaks were slightly lower than those at column C4.  
Again, the axial forces on the other side of the column were nearly the same while no binding 
occurred and the changes in shear forces were negligible. 
As alluded to previously, and seen in previous interior column-loss scenarios, the infill 
beams within the panels also contributed to load-redistribution in the structure.  In carrying these 
loads and being subjected to the panel deformations, the connections saw noticeable demands.  
Those in the two rows nearest column line C saw the highest loads, with those closer to column 
lines B and D saw the same general trends and behavior, only with peak force magnitudes of 
about one-half, corresponding to the rotation and deformation magnitudes of about one-half.  
The response was essentially mirrored about column line C (the center of the four compromised 
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panels, in the north-south direction), and with the observation that the outer rows behaved 
similarly with smaller peak forces, only one row of connections is presented.  The row selected is 
the western row in panels 5, 6, 7, and 8.   
The connections to girders in bay B3-C3 in the south-west corner of panel 6 saw 
significant axial forces, due to positive-moment composite action as Figure 4.310 shows.  In this 
case, no damage occurred in any of the bolts in any each story.  The shear force also increased 
substantially, as seen in Figure 4.311, but remained below the capacity of the connections.  This 
increase was most likely due to the prying action discussed previously as the beam was located 
in the center of the new double-span and is not redistributing any gravity load. 
The connections on the opposite side of the girders in bay B3-C3 showed nearly identical 
forces as the companion connections mirrored about column line C in bay C3-D3, so they are not 
presented here explicitly. 
At the infill beam connections to girders in bay B4-C4, negative moment placed the shear 
connections in compression, as shown in Figure 4.312.  The compressive force approached the 
connection capacity, but remained within it and no damage is incurred. As with the case of 
column C2 loss, no binding action occurred due to the smaller rotations when compared to 
previous cases.  The shear forces given in Figure 4.313 were largely unchanged, indicating that 
minimal load was redistributed through these infill beam connections. 
On the opposite side of the girders in Bay B4-C4, the axial forces are carried through 
essentially unchanged while the shear forces were nearly unaffected from the pre-column-loss 
values.  Again, the companion connections mirrored about column line C in bay C4-D4 
displayed nearly identical behavior. 
At the opposite edge of the compromised panels in the north-west corner of panel 6, the 
infill beam shear connections showed very similar behavior to those just presented at the south 
edge, as the continuity across the supporting girders was the same.  The axial compressive force 
in Figure 4.314 was comparable to that at the other end of the compromised panels just presented 
(in Figure 4.312).  The shear forces increased more, but insignificantly, as shown in Figure 
4.315, and remained well below the connection capacity. 
Again, the companion connections mirrored about column line C in bay C2-D2 showed 
nearly identical behavior. 
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As described previously, the infill beam connections in the eastern line of panels 5, 6, 7, 
and 8 displayed nearly identical behavior as those in the western row just presented, only the 
peak magnitudes were approximately one-half.  The same behavior was seen in the western row 
in panels 9, 10, 11, and 12 mirrored about column line C.  In the interested of brevity, the 
detailed responses of these connections are not presented. 
As suggested previously, the symmetrical continuity in the other direction as well (in the 
north-south direction) allowed connection forces to be mirrored about column line 3.  Although 
they were presented separately at girders in bays B4-C4 and B2-C2, the results showed small 
enough differences that symmetry could have been used. 
4.4.4.6 Behavior of Columns 
The column behavior was the same as seen in all previous interior column-loss scenarios.  
Without any moment frames in the areas directly affected by the column loss, there were no 
significant moment demands on any columns in the structure.  Thus, no panel zone deformations 
occurred and most stress increases in column resulted from increased axial loads although there 
were some localized stresses from flange binding, as can be seen Figure 4.285.  This was most 
pronounced in columns B3 and D3 where the deep interior girder in contact with the column web 
introduced deformation and stress.  The binding effects, however, did not significantly impact 
the performance of the columns and only caused local plastic deformations. 
Again, as with all previous column-loss scenarios, the axial capacity of the columns were 
sufficient to withstand the additional demands imposed by the column failure.  Even though most 
surrounding columns saw more than a 50% increase in load and the axial load in column C1 
more than doubled, the peak demands were less than the design strengths, as they were designed 
with the much higher 1.2D + 1.6L load combinations (rather than the 1.0D + 0.25L combination 
used for the dynamic column-loss simulations). 
4.4.5 Discussion of Interior Column Loss 
The results from the interior column-loss simulations in the three-story building 
demonstrate that the structure could withstand the loss of a single interior column, even if the 
only associated framing was attached with shear connections.  Columns located farther into the 
building suffered from smaller displacements and connections were subject to lower forces due 
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to additional continuity.  Some connections in all four interior column-loss cases studied did 
experience permanent connection damage, but no connections completely failed due to axial 
demand.  Shear demands in some connections exceeded the expected nominal design capacity, 
but since the connection model did not include shear failure, the impact of this was not clear. 
Vertical displacements at the lost column in each of the four interior column-loss 
simulations initially increased, but then reached a peak and began oscillating, indicating that the 
structure did not experience either local or global collapse.  The lateral displacements in each 
case remained steady as the lack of affected moment connections and presence of at least one 
bay on all sides of the lost column prevented unbalanced moments from being transferred into 
columns.  The vertical displacement was the largest for column B1, followed by column B2, C2, 
and C3.  This trend of decreasing peak vertical displacement correlated with increasing 
continuity at the edges of the four compromised panels.  This was a result of more negative-
moment restraint. 
Without moment frames, the only load-redistribution mechanism in all four cases was 
composite action, which created continuous spans across the failed column and utilized all 
framing in the compromised panels.  Positive composite moment capacity was the most 
significant and occurred through the lost column and at infill beam connections within the 
compromised panels, but some negative moment composite action also developed at the outer 
edges of the compromised panels where continuity was available.  At the lost column, the simple 
shear connections allowed the tensile force component of the composite couple-moment to 
develop through the column while the continuous concrete slab poured around the column 
provided the compressive capacity.  The neutral axis was in the concrete slab as a result of the 
large compressive capacity of the slab compared to the weaker capacity in the shear connections, 
which limited the peak strength of this mechanism.  This bridging occurred in both directions, 
utilizing the interior girders in one direction and the column-line infill beams in the other.  Even 
the infill beams within the compromised panels displayed this behavior, as the downward 
displacement of the girders to which they were attached mobilized composite action with tensile 
force passing through their shear connections and the girder web.  These tension forces caused 
irreversible damage in some connection elements when the combination of rotation and axial 
force were large enough.  When this did occur, damage began to accrue before the connection 
reached its peak uniaxial tensile strength, as rotation imposed higher demands on the lowest bolt 
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elements, causing the connection to accrue damage progressively, from bottom to top.  No 
connections experienced complete failure, however. 
The load-redistribution contribution of composite double-length span action of the infill 
beams is questionable, however, as the shear forces at the outside connections (at the outer edges 
of the compromised panels) were not significant or consistent.  Two-way span action of the slab 
also played a significant role, and it is likely that the infill beams did in fact help to span across 
the compromised panels, but that the shear was carried in the slab to intact portions of the 
structure rather than in the shear connections alone.  This would be consistent with the 
observation that the four columns at the outer corners of the compromised panels (with no direct 
connection to the lost column) saw noticeably increased loads. 
At the edges of the compromised panels, the behavior depended on the availability of 
continuity.  Where there was continuity of the deck, slab, and framing to the rest of the building, 
some negative-moment composite action was able to develop, utilizing tension in the slab 
reinforcement and steel deck with compression in the associated steel framing connections.  
When the framing members were deep enough and the connection rotations large enough, the 
lower flange contacted the supporting member (girder web or column web or flange) and 
generated binding forces, which provided additional compressive capacity.  When flange binding 
occurred, the axis of rotation shifted to the lower flange, as it made rigid contact.  This resulted 
in the compressive forces in the shear connection decreasing or even shifting from compression 
to tension if the peak rotation was great enough.  Even in the cases of significant flange binding 
and axial force reversal, no damage occurred at any negative-rotation connections at the edges of 
the compromised panels, however. 
 Several shear connections in each column-loss scenario were loaded beyond their 
nominal design shear capacity, but the connection model used for analysis did not include this 
mode of failure.  Thus, it was unclear what the result would be, as the failure mode would be 
relatively ductile (bolt tear-out or block shear rupture, as these limit states controlled over bolt 
shear), and the slab may have been capable of carrying the shear force if the framing connection 
shear capacity had been compromised.  It can certainly be recommended, however, that the 
connections should be designed to withstand higher shear forces to prevent the possibility of this 
failure mode. 
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4.5 CONCLUDING REMARKS ON THE THREE-STORY BUILDING RESULTS 
The column-loss simulations for the three-story building found that the structures were 
capable of bridging over a single lost column for most column locations.  The large number of 
unique column locations (a total of 12) allowed the results to be extended to any of the 35 
columns in the building.  The results indicated that the structure was capable of arresting collapse 
for corner, perimeter, and interior columns, but that the outcome sometimes depended on the 
type of framing connected to the lost column. 
The loss of a single corner column did not lead to local collapse if moment framing was 
connected to the column in at least one direction.  Although the connection demands were high, 
the moment frame provided sufficient capacity to bridge over the lost column.  The corner 
column with framing connected with only simple shear connections did not fare as well, 
however, and there was not sufficient capacity to arrest collapse.  Despite the failure to avoid 
local collapse, it appeared that the damage would not propagate to other portions of the structure 
and would remain limited to the single corner panel. 
Only one perimeter column analyzed was likely to lead to collapse.  This was a perimeter 
column with shear connections on all three sides, and although the model did not predict 
collapse, the shear connections providing the primary load-redistribution mechanism failed 
completely, leaving the simplified steel deck model carrying the load.  As the deck could not be 
realistically expected to withstand these demands, it was determined that column loss in that 
location would lead to collapse.  All other perimeter column locations included moment framing 
on one side which augmented the composite load-carrying capacity offered by the affected shear 
connections.  Although these shear connections suffered damage, they generally retained 
adequate capacity to resist the applied shear loads.  Perimeter columns with moment framing on 
two sides fared the best, as the much stronger and stiffer moment connections provided a 
combination of moment and axial capacity which allowed significant composite action to 
develop.  This minimized displacements and reduced stresses in the framing when compared to 
cases involving shear connections on one side.  The demands on the moment connections were 
high, however, and they would need sufficient ductility to prevent premature failure. 
Although each of the four interior columns analyzed for loss was connected to the 
surrounding framing by only shear connections, none led to collapse.  The presence of framing 
spanning in two directions allowed the composite action available with the shear-connected 
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framing to be sufficient to bridge over the failed column.  The primary bridging mechanism was 
positive-bending composite action at the center of the compromised panels (at the lost column), 
but some negative-bending composite action was also mobilized at the perimeter of the double 
spans.  The additional continuity available for interior column loss scenarios where the lost 
column was located farther from the edges of the building allowed more negative-bending 
capacity to develop.  This reduced the peak vertical displacements as well as demand on other 
affected connections.  Although some connection damage occurred at connections to the lost 
column, none failed completely.  The shear demand at some connections exceeded their design 
capacity, but the consequences of this were not clear. 
Overall, the results from the column-removal scenarios in the three-story building agreed 
well with past research.  This past work focused on column locations with  moment frames on 
either side and found they fare well (Foley, Martin and Schneeman 2007), and are able to 
redistribute the load no longer carried through the lost column.  The addition of the composite 
action offered through the concrete slab and steel deck, however, increased the stiffness of the 
system significantly over the model used in the work done by Foley.  For instance, Foley found 
the peak vertical displacement at the missing column in a perimeter moment frame (e.g. A3, A4, 
D1) to be 8 inches, while the simulations carried out for this project saw peak displacements of 
less than 5 inches. 
4.6 COLUMN REMOVAL IN THE TEN-STORY BUILDING 
The four column scenarios analyzed in the ten-story building consisted of one corner 
column (A1), two perimeter columns (A2 and B1), and one interior column (B2).  These 
locations can be identified in Figure 2.6.   
Since the moment frame encompassed the entire perimeter, unlike the three-story 
building, there were fewer unique structural configurations for exterior columns (e.g. no 
perimeter columns with shear-only connections or half moment, half shear connections).  Thus, 
fewer column cases were necessary to thoroughly investigate the performance following column 
loss.  The two perimeter columns selected were adjacent to a corner with one having moment 
connections at the beams framing into the corner (B1) and the other having only shear 
connections at the ends of beams framing into the corner column (A2).  These two columns also 
had the infill beams oriented differently relative to each other.  It was discovered, however, that 
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the smaller displacements (when compared to perimeter column loss in the three-story building) 
resulted in the insignificant contribution from the infill beams.  Therefore, it was deemed 
unnecessary to run separate analyses for more columns where only the infill beam orientation 
was varied. 
Due to the high computational demand of the large ten-story models, not all were run for 
a full second of analysis following the column loss.  Furthermore, the vertical displacement 
behavior was considerably stiffer than for the three-story building, so less time was required to 
ensure that the peak displacement had been reached. 
The results from each of the column removal scenarios for the ten-story building are 
presented in the following sections.  The displacement time-histories are presented in Figure 
4.316 through Figure 4.318 and the gross connection rotations are presented in Figure 4.319. 
4.6.1 Performance and Behavior for Loss of Column A1 
The structure was able to arrest collapse following the loss of column A1.  The vertical 
displacement time-history provided in Figure 4.316 shows that the response was very stiff with 
minimal vertical displacement, peaking at only 1.72 inches at 0.125 seconds after column loss.  
The lateral time-histories in Figure 4.317 and Figure 4.318 also show minimal translation, 
indicating that the structure behaved well and successfully bridged over the failed corner column.  
In the short analysis period used, it is evident that the lateral displacement has not yet reached an 
equilibrium position, particularly in the east-west direction.  Loss of the corner column caused an 
overturning moment due to the intact floors cantilevering out from the intact portion of the 
structure which resulted in lateral displacement in the direction of the building corner.  If the 
analysis had been continued, the structure would have reached equilibrium, although it may have 
taken several seconds.  This effect would not cause further damage or a toppling of the building, 
as the structure has a relatively large floor plan and the overturning force from the cantilevered 
floors are far less than the design lateral wind load for the building. 
The vertical displacement of the structure was smoothly distributed around the lost 
column with the moment connections forcing the perimeter beams to spread displacement along 
their lengths through curvature.  This is shown in Figure 4.320.  As the peak displacements were 
relatively small, even the gravity deflections in the intact panels were within the contour 
intervals.  The deformed framing alone is shown in Figure 4.321 and Figure 4.322 where it is 
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evident that the shear connections at the south side of column A1 (framing into the weak axis) 
allowed the beam to rotate at the end, rather than force curvature into the beam as the remaining 
beams in bays A1-A2 and A1-B1 behaved.  This had a minimal effect on the overall displaced 
shape, however. 
The entire framing system, including the steel deck, remained in the elastic range 
following the loss of column A1.  As the von Mises stress contours in Figure 4.321 and Figure 
4.322 show, the peak stress was only 36.4 ksi, which was located at the lower flanges of the 
moment-connected beams at the far end of the compromised bay (i.e. at the east side of column 
B1 and the north side of column A2).  
4.6.1.1 Load Redistribution 
The primary load-redistribution mechanism was cantilever action provided by the 
moment frames along both perimeter column lines.  This is evident by the column vertical base 
reactions in Figure 4.323 which show that all of the load no longer carried by column A1 was 
redistributed to columns A2 and B1.  The load carried by column B2 actually dropped slightly as 
the corner dropped and the stiffness of the compromised panel (panel 1) allowed it to rotate 
somewhat about an axis aligned through columns A2 and B1, thus lifting some weight off of 
column B2. 
As the beams in bay A1-B1 had moment connections at both ends (whereas those in bay 
A1-A2 had shear connections at column A1), the extra end restraint provided by the moment 
connections allowed slightly more load to be transferred to column B1 than to A2.  This is 
visible in the time-history plot as well as in Figure 4.324 which gives the ratios of peak column 
load to the static gravity condition.  The peak increase in load at column A2 was 43%, while it 
was 69% in column B1.  The actual increases in peak forces in Figure 4.325 also show that 
column B1 carried more additional load than column A2. 
The mobilization of the moment frames can also be seen in the lateral forces that 
developed at the column bases, shown in Figure 4.326 and Figure 4.327.  These forces would 
have been even higher, except the ground-level framing below the failed portion of the column 
acts as a grade beam, carrying moments which reduce the lateral reactions at the bottom of the 
columns in the basement level.  The load redistribution into columns B1 and A2 caused lateral 
 175 
 
base reactions in the plane of the moment frame, while column B2 saw little more than 
oscillatory noise. 
With the presence of stiff perimeter moment framing into the lost column from two 
directions and the small peak displacement, very little load redistribution was provided by shear-
connected infill framing.  Furthermore, the infill beams only means of contributing was 
cantilever action off of girder B1-B2, which was minimal due to the flexibility of the three-bolt 
shear connections. 
4.6.1.2 Behavior of Steel Deck 
With the minimal overall vertical displacement, the steel deck remained completely in the 
elastic region, as shown in Figure 4.328.  The peak stress reached only 23.0 ksi near column A2, 
and most of the area within the compromised panel remained below 10 ksi. 
4.6.1.3 Behavior of Concrete Slab 
Similar to the steel deck, the concrete slab had little demand placed on it.  Principle 
compressive stress contours are shown in Figure 4.329 for the top surface.  At the top surface, no 
area reached the crushing stress, in fact, the peak compressive stress was only about 2 ksi, 
located near column A1.  This was expected; however, as the cantilever deflections resulting 
from corner column loss could not generate widespread compression in the slab.  Only regions 
near the corner column and along perimeter beams in bay A1-B1 saw compressive demand.  In 
these localized areas, some minimal composite action was able to develop as tension in the 
beams was balanced with compression in the slab. 
At columns A2 and B1, from where the compromised panel was hinging downwards, the 
slab was placed in tension, as shown by the gray regions in Figure 4.329.  Cracking occurred in 
these regions and the slab reinforcement carried some tension.  The cracking did not affect the 
overall response however, as the tensile capacity of the slab is minimal. 
4.6.1.4 Behavior of Moment Connections 
As the moment frame provided nearly all of the load-redistribution capacity, the included 
moment connections in and near the compromised bays saw significant increases in axial force, 
moment, and shear.  The forces, however, remained within the elastic capacities of the 
connections.  The bolted shear connections in the webs of the moment connections also remained 
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within their elastic ranges.  The connections at the east side of column B1 saw the highest 
demand, as they were responsible for redistributing the most load (as explained previously and 
illustrated in Figure 4.324).  A portion of this demand was carried through to the connections on 
the west side of the column, but some was also attracted by the column.  The connections on the 
north side of column A2 showed less demand as they carried less force from the lost column due 
to the more flexible rotational restraint at the lost column.  At the west side of column A1, the 
moment connections were mobilized as they restrained the beams against rotation. 
Although the connections at the east side of column B1 saw the highest demand (due to 
transferring the most load), the forces and moments were within the expected elastic capacities.  
The plastic section interaction diagram in Figure 4.330 shows that all axial force and moment 
demands were far below the yield criterion for all floors.  Even when neglecting the moment 
capacity provided by the web, the flange axial forces were far below yield, as shown in Figure 
4.331.  Due to the presence of the composite slab and deck, however, the moment was not 
equally distributed across the beam cross-section.  Composite action (even though minor in this 
case, with the slab and deck unable to provide much tensile force) shifted the neutral axis upward 
which concentrated the axial force in the lower beam flanges.  The total axial force for the 
connections (including contributions from both flanges and the bolted shear connections) given 
in Figure 4.332 also demonstrates this composite action as all connections were subject to 
substantial compressive axial force.  The total shear force in the connections (again including 
both flanges and the shear connection) increased drastically when the corner column was lost, as 
shown in Figure 4.333.  The peak shear forces, however, were still well below the design 
capacities of the bolted web connections alone, which are provided in the figure.  Due to the 
portion of the shear carried in the flanges, however, appreciable local bending moments 
developed, which are given in Figure 4.334. 
Some of the force and moment was carried through column B1 from the connections on 
the east side to the connections on the west side.  Figure 4.335 shows that while most of the axial 
force was transferred through, the bending moments decreased substantially as the column 
attracted a portion.  The connection shear forces and flange bending moments in these 
connections increased only slightly. 
The moment connections at the west side of column A1 (the lost column) saw noticeable 
demands as they provided rotational restraint while the column displaced vertically.  As Figure 
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4.336 illustrates, these demands were far below the yield criterion.  It also demonstrates that 
there was very little axial force, due to the lack of framing on the opposite side.  Figure 4.337 
shows that the moment resulted from nearly perfectly-balanced flange axial forces that were also 
far below the yield levels.  This is further illustrated in the total axial forces for the connections 
given in Figure 4.338 which shows that there was no consistent pattern of compression or tension 
as there was at column B1.  Most connections saw some tension as mild composite action 
developed due to the positive rotations, but this was small as a result of the lack of continuity 
beyond the corner.  The shear forces at these connections further illustrate the load-redistribution 
through the moment beams in frame A1-B1, as the shear reversed direction, as shown in Figure 
4.339.  The shear reversal indicates that the connections switched from transferring load into 
column A1, to transferring load from column A1 into the beams, which then flowed through the 
beams and into column B1, as discussed previously.  This is important because it shows that the 
framing with moment connections at both ends was more effective at redistributing load than 
with moment connections at the uncompromised column and shear connections at the failed 
column, as was the case with the framing in bay A1-A2.  The peak magnitudes of the shear 
forces were, however, well below the capacities of the bolted web shear connections, which are 
shown in the figure as dotted lines. 
As the frame with moment connections at both ends (bay A1-B1) redistributed more load 
than the frame with moment connections at only one end (bay A1-A2), the connection forces at 
the north side of column A2 carried less shear than those on the east side of column B1.  The 
moment and axial demand, however, were comparable in both bays, as the interaction diagram in 
Figure 4.340 shows.  The similar demands were a result of very similar imposed rotations at both 
connection locations.  Again, some composite action was evident, as shown by the flange couple 
forces in Figure 4.341 and the total connection axial forces in Figure 4.342.  The axial forces 
were slightly diminished from those in connections on the east side of column B1, however.  As 
less load was transferred into column A2 than into B1, the shear at the connections at A2 was 
lower, as shown in Figure 4.343, and was remained below the capacity of the weaker bolted web 
shear connections.  The flange bending moments resulting from shear in the flanges were 
approximately the same, however, and are given in Figure 4.344. 
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The connections on the opposite side of column A2 demonstrate the same trend as those 
across column B1 did, with the moments decreasing significantly and the axial forces carrying 
through nearly unchanged.  The section interaction diagram given in Figure 4.345 illustrates this. 
4.6.1.5 Behavior of Shear Connections 
With moment connections in all but one location surrounding the lost corner column, 
there was little involvement of shear connections in the column loss event.  The shear 
connections on the south side of column A1 saw increased force, but the demands did not exceed 
their capacity and the remaining infill beam connections saw only small force increases.  The 
interior girder at the edge of the compromised panel (in bay B1-B2) and the similarly-located 
infill beam (in bay A2-B2) saw negligible force increases. 
The shear connections at the south side of the lost column saw increased demands 
following the column loss, but they were well within the capacities of the connections.  As 
Figure 4.346 shows, the peak axial forces were less than one-half the capacity of even the 
weakest connection.  This axial force resulted from weak composite action, with the concrete 
slab carrying compression via bearing on the corner column.  Without continuity of the slab on 
the opposite side of the column, and with the flexibility of the column web to which the shear 
connections were attached, this action was limited.  The shear forces in these connections were 
also well below the connection capacity, as Figure 4.347 shows.  Interestingly, the shear force 
increases in the same direction as before column loss (e.g. the beam transfers additional load into 
the column), when it would be expected to reverse, carrying load away from the column.  It is 
likely that the imposed composite moment at the connections caused shear to increase in order to 
maintain equilibrium. 
The most highly-stressed infill beam connections were those in the north-west corner of 
the compromised panel, as they experienced the largest rotations following the column loss.  
Even these, however, were only lightly loaded, as Figure 4.348 and Figure 4.349 show.  With the 
small overall displacement of the compromised column, the rotations were simply not large 
enough to mobilize significant forces or transfer appreciable load through these connections.  
The rotations were also small enough that flange binding did not occur.  The connections to the 
infill beams on the opposing side of girders B1-B2 saw similar axial forces, while the shear 
forces were largely unaffected. 
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The forces in the infill beam connections of the south-west corner of the compromised 
panel followed the same trend as those in the north-west corner, with the peak magnitude of 
force being about one-half of the latter location due to smaller rotations. 
The infill beam connections on the east side of the compromised panel (the outer edge of 
the structure) saw small tensile forces, although the increase was negligible following column 
loss as the torsionally-flexible perimeter beams they were attached to simply rotated with them.  
The shear forces in these connections were virtually unchanged from their pre-column-loss 
values. 
4.6.1.6 Behavior of Columns 
All columns remained elastic during the column removal analysis and all intact columns 
had sufficient axial capacity to carry any additional redistributed loads. 
Column A1 experienced panel zone shear deformation due to the fixed moment 
connections on the west side, as seen in Figure 4.321, but again, the stresses remained in the 
elastic range. 
The column splices in the compromised column saw relatively little demand, and 
remained below lateral wind load levels.  The axial forces dropped to near zero following 
column loss, which indicated that most floors carried their own weight with only a minimal 
amount of load carried down to the stiffer, lower floors.  This is shown in Figure 4.350.  The 
strong-axis shear forces and moments increased significantly following column loss, as shown in 
Figure 4.351 and Figure 4.352, respectively, but these were far below what the splices would be 
designed to withstand. 
Weak-axis shear and moment were negligible as was torsion. 
4.6.2 Discussion of Corner Column Loss 
The results from this corner column loss scenario can be applied to any of the four corner 
columns in the building, as all had the same perimeter framing system.  Only the direction of the 
infill beams with respect to the corner column orientations differed, and as the results from this 
analysis showed, they had no appreciable effect on either the overall response, nor did they 
suffer any damage. 
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The overall prognosis for corner column loss in the ten-story building was good, as it did 
not lead to local or global collapse, and all framing remained elastic.  All moment and shear 
connection forces remained well below their expected capacities and the steel deck and concrete 
slab were only lightly stressed.  Column loads were within the column capacities, even those 
which saw a large redistribution in load. 
The perimeter moment frame, even that which had only shear connections at the 
compromised corner column, were key in redistributing load away from the lost column and into 
the intact portion of the structure.  The perimeter beams were able to transfer all of the load from 
the corner panel into the two adjacent perimeter columns while the infill framing and nearest 
interior column did little to contribute. 
Most floors carried nearly their own weight and only a small amount of compressive 
force was seen in the column splices above the failed portion in corner column.  The small 
amount that was redistributed downward was due to the stiffer moment beams being located near 
the bottom of the structure. 
Although the analysis was not run for a long enough time period to determine the final 
equilibrium lateral position of the structure, the leaning or ―toppling‖ effect was expected to be 
minimal and should not affect the overall stability of the structure. 
4.6.3 Performance and Behavior for Loss of Column B1 
As with the corner column loss scenario, the ten-story building was able to arrest collapse 
following the loss of column B1.  The vertical displacement time-history provided in Figure 
4.316 shows that the response was very stiff with a minimal downward displacement, peaking at 
only 1.60 inches at a time of 0.125 seconds following column loss.  It is interesting to note that 
although the peak displacement was slightly less than for the corner column loss (which was 1.72 
in), the time of the peak was exactly the same.  The lateral time-histories in Figure 4.317 and 
Figure 4.318 also show minimal translation, particularly in the plane of the frame, indicating that 
the structure behaved well and successfully bridged over the failed corner column. 
The vertical displacement of the structure was evenly distributed around the failed 
column with the moment connections in the perimeter frame forcing the beams to spread 
displacement and rotation through smooth curvature.  The perpendicular interior girder, however, 
hinged about its shear connections, as they were much more flexible than the beam section itself.  
 181 
 
This is shown in Figure 4.353.  Due to the relatively small peak displacement, the gravity 
deflections within each panel are still visible in the displacement contours and create a kidney 
shape in the two compromised panels.  The smooth curvature in the perimeter framing is best 
demonstrated in Figure 4.354 where the straight interior girders rotating about their end 
connections can also be seen. 
Again, as in the case of the corner column loss, the entirety of the framing remained 
elastic, as visible in Figure 4.354.  The peak stress was 41.09 ksi, located at the lower flanges of 
the moment-connected beams at column B1. 
4.6.3.1 Load Redistribution 
Unlike the case of corner column loss, the perimeter column had the ability to bridge 
across the lost column via the perimeter frame.  This allowed the creation of a double-length 
span condition where the perimeter moment-connected beams acted as one two-bay-long beam, 
spanning from column A1 to column C1, due to the continuity provided through column B1.  
Again, this behavior is visible in Figure 4.354 which shows that these beams deformed in the 
expected shape of fixed-fixed end-condition beams.  Elastic panel zone deformation in column 
A1 allowed slightly more rotation at the east end of this double-span beam than at column C1, 
but this did not significantly affect the response.  It likely it reduced the moment demands at the 
connections to column A1 when compared to those at column C1, but this will be explored in 
detail later. 
As the primary load-redistribution mechanism was continuous beam action between 
columns A1 and C1, these two columns carried the most additional load following the loss of 
column B1.  Figure 4.355 shows that these two columns saw a dramatic increase in load 
following column loss, while Figure 4.356 shows that the columns along line 2 saw only minor 
effects.  This behavior is also illustrated in Figure 4.357 which shows the peak column forces as 
ratios to the static gravity reactions before column loss.  This indicates that column A1 was 
subjected 226% of its static vertical load and column C1 was loaded to 192% of its initial load, 
while columns A2, B2, and C2 saw relatively small increases.  While the ratios would suggest 
much more load was redistributed into column A1 than C1, the actual force increases were 
similar, as Figure 4.358 shows with A1 carrying a peak additional load of 535 kips and C1 
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carrying an additional 596 kips.  The larger ratio for the corner column is a result of the smaller 
static load it carried before column loss. 
With the significant mobilization of the perimeter moment frame, large lateral forces 
would be expected in the in-plane direction of the frame (in the east-west direction.  As Figure 
4.359 shows, however, the north-south lateral column base reactions were negligible.  The east-
west reactions at the bases of column A1 and C1 shown in Figure 4.360 were also rather small.  
While they were greater than those of the columns in column line 2, they did not reflect the 
moment frame mobilization due to the presence of the ground-level framing below the lost 
section of the column.  This acted as a grade beam and isolated the column bases in the below-
ground level from the lateral forces that were much more evident in the three-story structure 
which had no below-ground level. 
4.6.3.2 Behavior of Steel Deck 
With the small overall vertical displacement, the steel deck remained completely in the 
elastic region, as shown in Figure 4.361.  Although the peak vertical displacement was less than 
that during the corner column loss, the peak stress was slightly higher at 27.8 ksi (versus 23.0 ksi 
for the corner column case).  This peak stress, however, was highly localized around column B2 
due to negative rotation of interior girders in bay B1-B2, which created tensile forces in the deck.  
Outside of this localized region, most of the deck remained below 10 ksi. 
The other regions of higher stress in the deck were surrounding column C1 where 
negative rotation of perimeter beams in bay B1-C1 again placed the deck in tension as it 
contributed a small level of composite action to the negative moment capacity at the moment 
connections to column C1. 
4.6.3.3 Behavior of Concrete Slab 
Much like the corner column removal case, the concrete slab was only lightly stressed.  
As this column removal case included concrete slab on either side of the failed column, however, 
the slab was able to contribute composite action in the positive moment region through the 
missing column.  This resulted in compressive stress in the slab, which can be seen in Figure 
4.362.  Despite this demand, the stresses in the slab remained well below the 5 ksi crushing 
strength, with the peak compressive stress only reaching 1.4 ksi.  The highest stresses were 
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concentrated near the failed column B1 as composite action developed in the perimeter moment 
frames across column B1 in bays A1-B1 and B1-C1.  This region of compressive stress also 
extended over interior girder B1-B2 as the girders also developed some positive-bending 
composite moments at column B1. 
Aside from the localized compressive-stress regions due to composite action, the 
remainder of the slab remained largely unstressed.  Some cracking occurred in negative-moment 
regions, but it did not influence the performance or behavior of the structure. 
4.6.3.4 Behavior of Moment Connections 
With the perimeter moment framing providing nearly all of the load redistribution, the 
moment connections in bays A1-B1 and B1-C1 were the most highly loaded.  Consistent with 
the elastic stresses in the framing, the connection forces also remained in the elastic region.  The 
most highly-loaded connections were at the missing column where they saw large positive-
bending moments in the center span of this effective double-length beam.  Consequently, the 
moment connections at the ends of this two-bay continuous beam were loaded in negative 
bending. 
As the beams in bays A1-B1 and B1-C1 acted as two-bay-long beams, the forces and 
moments at both sets of connections on either side column B1 (the lost column) were very 
similar.  In the interest of brevity, only the data for those on the east side will be presented. 
As the plastic section interaction diagram in Figure 4.363 shows, the moment connections 
in the positive-bending region across the compromised column were well within their respective 
elastic capacities.  Due to the composite action, the axial component (tension) of the interaction 
was more significant than for the moment connections loaded in negative-bending for the case of 
column A1 removal.  The effect of composite action is also clearly shown in Figure 4.364 where 
the axial forces in the lower beam flanges were much greater than the compressive forces in the 
top flanges.  This demonstrates that the neutral axis of the beam-slab composite system was in 
the beam webs near the top flange.  Figure 4.365 shows that the corresponding net axial force in 
the connections was tensile, with the exception of the ground-floor framing which was below the 
failed column section and largely unaffected by column-loss.  The shear forces in these 
connections were not critical, as the center of the effective double-length beam saw very little 
shear demand, as seen in Figure 4.366.  All shear forces were below the connection capacities, 
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and upon column loss, the shear forces dropped from their gravity-reaction values and oscillated 
near zero. 
Although both sets of connections at the outer end of the new double-span condition 
carried similar loads, the connections at the east side of column C1 saw slightly more load due to 
greater fixity provided by the moment connections on the opposing side of the column when 
compared to column A1.  Figure 4.367 shows the interaction diagram for the connections on the 
east side of column C1, where it can be seen that all were well below yield.  In contrast to the 
moment connections at column B1, which were in positive bending, these connections loaded in 
negative bending saw smaller axial forces, as the ability to develop composite action was much 
more limited.  This is also evident in the flange couple forces in Figure 4.368, which show much 
more force couples.  This indicates that the neutral axis was only slightly elevated above the 
centroid of the beams.  The net connection axial forces in Figure 4.369 also show that the peak 
axial forces were compressive and less than one-half the magnitudes of the peak tensile forces at 
column B1.  This was due to the limited tensile force that could be developed in the slab and 
deck versus the large compressive forces that could be supported in the slab for positive bending.  
While the shear forces at the moment connections to column B1 dropped to essentially zero, 
those at the connections to column C1 increased due to the load redistribution they were 
providing into the uncompromised column.  These shear forces are shown in Figure 4.370 and 
show that despite their increases, they were still within the capacity of the bolted web 
connections alone.  The shear demand, however, was also distributed into the welded beam 
flanges, which generated local flange bending moments, as given in Figure 4.371. 
On the other side of column C1, the moment connections were less heavily loaded as the 
column attracted some of the moment imposed by the beams in bay B1-C1.  The axial forces, 
however, carried through with little reduction.  These trends can be seen in Figure 4.372.  The 
shear forces increased only slightly, and all demands were well within the expected capacities. 
At the west side of column A1, where the other end of the double-span moment beams 
transfer the redistributed load into column A1, the connections saw similar demands to those at 
column C1.  The shear forces were comparable as the total load transferred was close to that at 
column C1, but the moment was slightly reduced due to the flexibility of the column without 
continuous beams on the opposite side.  This also reduced the ability to develop compressive 
axial forces in the connections.  The interaction diagram in Figure 4.373 demonstrates that the 
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connection demands were almost exclusively moment and all remained within their elastic 
section capacities.  The flange couple forces given in Figure 4.374 also show that the neutral axis 
was very near the centroid of the beam and all forces were within the elastic flange capacities.  
Exploring the axial force behavior of the connections further via the axial force plots in Figure 
4.375 reveals that there was no consistent trend.  The connections at most floors were in net 
compression, reflecting some limited composite action allowed by tensile capacity of the deck 
and steel slab reinforcement, but several floors were in tension, perhaps indicating some very 
weak catenary action.  Much like the connections to column C1, the shear force increased due to 
load from the lost column being transferred into column A1.  This is shown in Figure 4.376 
which illustrates that, despite the redistributed load, the shear forces were well below the design 
capacities of the bolted web shear connections.  It is also interesting to note that the flange 
bending moments increase much less than those at column C1, as seen in Figure 4.377.  In 
general, they are about half of those at column C1.  It is possible that the rotational flexibility of 
column A1 caused this. 
4.6.3.5 Behavior of Shear Connections 
Unlike the column-loss scenario for the corner column, there were more shear-connected 
members directly affected.  A set of interior girders in bay B1-B2 were connected directly to the 
compromised column and four sets of infill beams were connected to this girder in panels 1 and 
6.  Due to the small peak displacement of the lost column (1.60 in), the demands placed on these 
shear-connected members were minimal, and their contribution to load redistribution was 
negligible. 
The shear connections at the south side of column B1 (the failed column) were subjected 
to positive rotations as the column displaced downwards.  The approximate rotations can be seen 
in Figure 4.319.  These small rotations, however, caused only minimal changes in the forces at 
the connections.  Thus, peak forces remained far below the connection capacities, as Figure 
4.378 and Figure 4.379 show.  The axial forces, in fact, decreased as the positive rotation 
released the static negative composite moments.  The shear forces increased slightly in the same 
direction as the pre-column-loss reactions, indicating that girders in bay B1-B2 did not assist in 
transferring load away from the lost column.  This is consistent with previous data which showed 
that column B2 was not subjected to noticeable increases in load following column loss. 
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At the other end of the girders in bay B1-B2 (at the north side of column B2), the 
connections were also largely unaffected, as Figure 4.380 and Figure 4.381 demonstrate.  
Although the compressive axial forces increased due to additional negative rotation, they 
remained below the connections’ capacities.  The shear forces increased slightly, but again, 
remained below the capacities of the connections. 
With the shear connections to the girders near the compromised column only lightly 
loaded, the infill beam connections were even less stressed.  The connections in the first row of 
infill beam connections behind perimeter frame A1-B1-C1 saw only approximately 2/3 the 
connection rotation magnitude of the girders, and the row behind them only saw 1/3 the rotation 
magnitude.  Thus, the changes in force at the infill beam connections were largely insignificant 
and unimportant to the overall behavior the structure.  The response of several sets of 
connections will be presented, however, to illustrate the observed trends. 
The most heavily-loaded infill beam connections were those to the girders in bay B1-B2, 
as the downward girder displacement imposed positive rotations on the infill beams.  This caused 
small tensile forces to develop, as shown for the connections in the north-west corner of panel 1, 
seen in Figure 4.382.  As the plots show, the peak tensile force was still less than the 
compressive force before column loss.  Similarly, the changes in shear force were insignificant 
as Figure 4.383 shows.  While the shear force magnitudes increased in the same direction as the 
pre-loss values, the peaks were still well below the connection capacities.  The cause for the 
increase is likely the same prying action as discussed previously for the infill beams in the case 
of column A2 loss in the three-story building. 
The connection forces on the opposite side of the girders in the north-east corner of panel 
6 were nearly identical to those just presented as the axial forces were transmitted directly 
through the flexible beam web.  The same shear force phenomenon was also observed. 
The forces in the shear connections to the next row of infill beams to the south on both 
sides of the girder displayed the same behavior as those just presented, although the peak forces 
were approximately one-half due to the imposed rotations being approximately one-half. 
At the west edge of panel 6, the infill beams were subject to negative rotations that 
caused increased compressive axial forces to develop.  This is shown in Figure 4.384 for the 
northern set of connections where, again, the peak forces were significantly below the 
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connection capacities.  Similarly, the peak shear forces were of little significance and within the 
connection capacities, as seen in Figure 4.385. 
The connections at the south-west corner of panel 6 showed the same force trends as 
those just discussed, only again, the magnitudes were lower due to smaller imposed rotations. 
At the east edge of panel 1, the infill beam connections were almost completely 
unaffected and are not presented here.  The flexible perimeter beam rotated with the infill beam 
connections, preventing any significant forces to develop. 
All other shear connections surrounding the compromised portion of the structure saw 
minimal effects. 
Overall, the shear connections neither contributed to load redistribution nor were loaded 
near their capacity.  No connections experienced rotations significant enough to cause flange 
binding either. 
4.6.3.6 Behavior of Columns 
All columns remained elastic during the column removal analysis and all intact columns 
had sufficient axial capacity to carry any additional redistributed loads. 
Column A1 experienced panel zone shear deformation due to the fixed moment 
connections on the west side, as seen in Figure 4.354, but the stresses remained in the elastic 
range. 
The column splices in the compromised column saw relatively little demand, which was 
below what they would be designed for.  The axial forces dropped significantly following 
column loss with some remaining compression, indicating that upper floors distributed some 
load down to lower floors with stiffer moment-connected beams. This is shown in Figure 4.386.   
The strong-axis shear forces and moments increased were not significantly affected 
following column loss, as shown in Figure 4.387 and Figure 4.388, respectively, and these were 
far below what the splices would be designed to withstand.  In fact, following column loss, the 
strong-axis moments remained below the pre-column-loss static peaks, further confirming that 
the beams across double span A1-B1-C1 acted without significant influence from the remaining 
portion of the column at their center. 
Weak-axis shear and moment in the column splices were negligible as was torsion. 
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4.6.4 Performance and Behavior for Loss of Column A2 
The ten-story building was able to arrest collapse following the loss of column A2.  The 
vertical displacement time-history shown in Figure 4.316 reached a higher peak than that for 
both column A1 and B1 loss.  The response was still quite stiff, though, with a peak 
displacement of only 2.1 inches, occurring 0.145 seconds following column loss.  The lateral 
time-histories in Figure 4.317 and Figure 4.318 also show minimal translation, particularly in the 
plane of the frame, indicating that the structure behaved well and successfully bridged over the 
failed corner column. 
The larger displacements during the loss of this column were due to the framing 
configuration.  Column A2 had moment connections at the far end of only one bay of beams 
framing into the lost column while column B1 had moment connections at the far ends of both 
bays of connected perimeter beams.  These shear connections at column A1 provided less 
stiffness and strength, which resulted in larger displacement behavior than the stiffer system 
available to the lost column for the case of column B1 loss. 
The shear connections at the south side of column A1 also affected the deformed shape of 
the structure at peak displacement.  This is illustrated in Figure 4.389.  When compared to the 
contours for column B1 loss in Figure 4.353, the displacement was spread out farther along the 
beams in bay A1-A2 for column A2 loss than in bay A1-B1 for column B1 loss.  Again, this was 
due to the larger rotations permitted by the shear connections.  This is clearly visible in Figure 
4.390, which shows the deformed shape of the framing alone.  Figure 4.390 conceptually 
illustrates that the shear connections allowed the beams in bay A1-A2 to act in single curvature 
positive bending where comparable beams with moment connections at the far end in bay A2-A3 
are loaded in double curvature due to their fixity at the far end from the lost column.  Overall, 
however, the displaced shape was still relatively uniform surrounding the lost column and 
displayed favorable behavior. 
Again, as in the case of the both the corner column and column B1 loss, the entirety of 
the framing remained elastic, as visible in Figure 4.390.  The peak stress was considerably higher 
for this case, however, peaking at 50.0 ksi instead of near or below 40 ksi.  The locations of 
highest stress were the lower flanges of the beams at their connections to the north side of 
column A2. 
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4.6.4.1 Load Redistribution 
The load redistribution behavior was similar to that for column B1 loss, but differed 
somewhat due to the aforementioned difference in connection type to the corner column and the 
relative orientation of the infill beams.  For column B1 loss, the infill beams were oriented 
parallel to the exterior frame (in column line 1), while those in this case were oriented 
perpendicular to the perimeter frame that experienced column loss (in column line A).  The 
former was a more favorable orientation to provide bridging action over the compromised bays 
as the infill beams could mobilize positive-bending composite action at the center of the two 
compromised panels, while in the perpendicular orientation, they could only offer very limited 
cantilever support.  Ultimately, the contribution of the infill beams on both cases was minimal 
and the difference in connection type of the perimeter moment frame to the corner columns was 
much more significant. 
As with column B1 loss, the primary load redistribution mechanism was continuous 
beam action offered by the perimeter moment framing.  Unlike the case for column B1, however, 
the shear connections at the corner column did not allow negative end moments to develop, so 
the stresses and displacements were accordingly affected.  This is evident when comparing the 
deformed framing for this case (shown in Figure 4.390) to that for column B1 loss (given in 
Figure 4.354).  While the moment fixity at columns A2 and A3 allowed continuous beam action 
to develop unhindered, the flexible shear connections to the weak axis of column A1 provided 
very little moment fixity and primarily served as vertical shear support.  This somewhat reduced 
the amount of load transferred into column A1. 
The vertical base reaction time-history plots in Figure 4.391 and Figure 4.392 show that 
columns A1 and A2 saw dramatic increases in load while column B2 saw a much smaller load 
increase.  Columns B1 and B3 were subjected to some increased demand, but it was much less 
significant.  In Figure 4.393, the peak vertical base reactions are shown as ratios to the pre-
column-loss static values.  This best represents the level of increased demand on each column 
and shows that both adjacent columns in the perimeter moment frame had similar increases in 
demand, as did the three nearby columns in column line B.  Figure 4.394 gives the actual 
increases in force, and illustrates that column A3 carried the largest increase in load, as it was the 
only adjacent column with complete moment-fixity to the connecting beams.  This is a 
remarkable contrast to the case of column B1 loss where the moment-connected corner column 
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carried nearly the same increase in load as the other adjacent perimeter column (535 kips and 
596 kips, respectively).  Clearly, the moment connections and strong-axis orientation of the 
corner column in the previous case were significant in attracting additional load over the shear 
connections and weak-axis orientation in this case. 
The base reaction force increases also show that some load was transferred into adjacent 
interior column B2 through the connected girders.  A smaller amount was also distributed to the 
remaining two columns at the corners of the compromised panels, most likely due to two-way 
slab action, as the cantilever capacity of the infill beams was insignificant in transferring 
noticeable load at this level of deformation. 
Although the moment frame was mobilized significantly, particularly at column A3, the 
ground-level moment beams prevented significant lateral base reactions from developing as they 
did in all column-loss cases for the three-story building.  This is evident in Figure 4.395 which 
shows that the peak in-plane lateral force is at column A3, but barely reaches 10 kips.  Due to the 
shear-only connectivity and weak-axis orientation at column A1, the lateral force is hardly 
affected, as are the lateral forces in the perpendicular direction as given in Figure 4.396. 
4.6.4.2 Behavior of Steel Deck 
Coinciding with the larger peak vertical displacement, the stresses in the steel deck were 
higher for this column-loss case than the previous two.  The peak stress remained below the 30 
ksi yield definition, but only barely at 29.97 ksi, as shown in Figure 4.397.  In contrast, the peak 
stresses in the steel deck for column A1 and B1 loss were 23.0 ksi and 27.8 ksi, respectively. 
The peak stress was located at the north side of column A2, as Figure 4.397 shows.  
Although the pattern of stress was essentially the same at each floor, the magnitudes were higher 
at the lower floors due to the deeper beams in the moment frame which placed larger 
deformation demands on the deck.  As negative moment was applied to the moment connections 
at the north side of column A3, limited composite action developed.  This placed the steel 
reinforcement in the concrete slab and the steel deck in tension and shifted the neutral axis of 
bending in the beams upward.  As the curvature was essentially the same in each floor, the 
deeper beam sections imposed greater strains at the deck, causing higher stresses. 
Outside of the limited region of stress due to negative composite moments at column A3, 
the majority of the deck was lightly stressed.  There was a region above the beams in the double-
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length span of bay A1-A3 where positive bending introduced stress through composite action, 
where again, the deeper beams in the lower floors caused higher stresses to develop.  These 
remained below 20 ksi, and beyond the perimeter region, the deck was largely unaffected. 
Although there may be some localized damage to splices or puddle welds of the deck in 
the region of highest stress near column A3, significant damage would be unlikely and the 
performance of the deck should not adversely affect the global response of the structure. 
4.6.4.3 Behavior of Concrete Slab 
As in the previous two column-loss cases, the concrete slab was only lightly stressed.  
The peak compressive stress was only 2 ksi, greater than the peak of 1.4 ksi for column B1 
removal, but still well below the 5 ksi crushing strength.  The stress distribution seen in Figure 
4.398 is nearly identical to that for column B1 removal (given in Figure 4.362), showing 
compressive stress above the perimeter moment frame beams near the lost column.  This 
illustrates the positive-bending composite action that the concrete slab contributes to the moment 
framing. 
Aside from the localized compressive-stress regions due to composite action, the 
remainder of the slab remains largely unstressed with some cracking in negative-moment 
regions.  As the cracking is not significant to the performance or behavior of the structure, it will 
not be discussed further. 
4.6.4.4 Behavior of Moment Connections 
With the perimeter moment framing providing most of the load redistribution, the 
moment connections in bays A1-A2 and A2-A3 were the most highly stressed.  Consistent with 
the elastic stresses in the framing, the connection forces also remained in the elastic region.  The 
most highly loaded connections were at the missing column where they saw high positive 
moments in the center of this effective double-length beam.  These connections were also subject 
to large tensile forces as a result of the composite action provided by the concrete slab.  The 
moment connections at the south end of this double-span member were loaded in negative 
bending due to their fixity. 
While the forces on either side of the lost column were essentially the same for column 
B1 loss, the shear connections at the north side of the double span in this case prevented the 
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point of maximum positive moment from occurring at the lost column (the geometric center of 
the double-length span).  Instead, it occurred in the span between columns A1 and A2 which 
means the forces on the north side of column A2 are higher than those on the south side, and are 
thus the ones chosen to be presented here. 
The interaction diagram for the connections on the north side of column A2, given in 
Figure 4.399, shows that all floors were within their plastic section capacities.  The significant 
composite action that developed resulted in unequal flange couple forces.  The flange axial 
forces in Figure 4.400 were much greater for the lower flanges than the upper flanges, indicating 
that the neutral axis was near the upper flange of the beams.  Although the peak forces for 
several floors, particularly floors 2 and 3, were high, they remained below their respective elastic 
capacities.  Figure 4.401 shows that the corresponding net axial forces in the connections were in 
tension, with the exception of the ground-floor framing which was below the failed column 
section.  The shear forces in these connections was not critical, as they were near the maximum 
moment of the double-length span and showed very little shear demand, as seen in Figure 4.402.  
All shear forces are below the connection capacities and upon column loss, the shear forces drop 
from their gravity-reaction values and oscillate near zero. 
As introduced previously, the forces on the south side of column A2 were similar, with 
slightly reduced axial and moment demands.  The shear forces on this side, given in Figure 
4.403, were higher due to being farther from the point of maximum moment, but remained far 
below the connection capacities. 
At the north side of column A3, the moment connections were responsible for 
transferring significant loads from the compromised double span into the column.  This resulted 
in large negative moments and high shear forces.  The interaction diagram in Figure 4.404 shows 
that the demands were within the elastic section capacities and the forces were dominated by 
moment, unlike those at the lost column which were influenced more by axial force.  This was 
due to the limited tensile capacity of the deck and slab for negative-bending composite action 
versus its compressive capacity for positive-bending composite action.  This is also clearly 
evident in the plot of flange axial forces in Figure 4.405 which indicates that flange axial forces 
were nearly balanced couples.  The tensile capacity provided by the steel deck, shown by the 
stresses earlier, allowed a small shift in the neutral axis, however.  All flange axial forces 
remained within the elastic capacities of each connection, although those at floors 2 and 3 
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approached them.  The net axial forces in Figure 4.406 also indicate that negative-bending 
composite action was much less significant than the positive-bending action seen at column A2.  
The significant load-redistribution into column A3, seen in a previous section, was reflected by 
the large increases in shear force at the connections, given in Figure 4.407.  Although they 
increased drastically, the shear demands remained within the capacities of the connections.  They 
did, however, introduce noticeable flange bending moments, which are shown in Figure 4.408. 
On the other side of column A3, the moment connections were less heavily loaded as the 
column attracted some of the moment imposed by the beams in bay A2-A3.  The axial forces, 
however, carried through with little reduction.  These trends can be seen in Figure 4.409.  Shear 
forces increased only slightly and all demands were well within the expected capacities.  
4.6.4.5 Behavior of Shear Connections 
There were more shear connections involved in the case of column A2 loss than for 
column B1 loss as shear connections were present in the affected perimeter frame as well as in 
interior panels.  With the limited peak displacement and ample load-redistribution capacity of the 
perimeter moment frame, the shear connections were not highly loaded, even those at column 
A1.  The peak rotations (which can be applied most directly at column A1, the west side of 
column A2, and the east side of column B2) were very small at 0.006 radians, as seen in Figure 
4.319. 
The shear connections at the south side of column A1 were affected by the column loss 
and experienced negative rotations, as seen previously in Figure 4.390.  The flexibility of the 
shear connections and the column web to which they were attached prevented significant forces 
from developing, as the axial force plots in Figure 4.410 show.  As the rotations were minimal, 
no lower flange binding occurred.  The connections did contribute to load redistribution as 
Figure 4.411 shows, but these shear forces were well within the connection capacities and much 
less than those at the moment connections at the other end of the compromised double span 
(shown in Figure 4.407).  This is consistent with the load-redistribution behavior seen previously 
and further illustrates the significance of moment connections. 
At the west side of the lost column, the interior infill beam connections were subjected to 
positive rotations.  Again, the rotations were minimal and the axial forces in Figure 4.412 reflect 
this.  In fact, the displacement following column loss only served to reduce the static negative-
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bending composite moment that existed.  The shear forces given in Figure 4.413 were minimal 
although they appeared to redistribute some load following column loss.  It is possible, however, 
this reversal in shear is more a result of the prying action seen previously than any real load 
transfer. 
At the other end of the column-line infill beam, at the east side of column B2, the 
connections were subjected to negative bending.  This had the effect of increasing the negative 
axial forces, seen in Figure 4.414  The increase was minimal, however, and remained well below 
the connection capacities.  The shear forces increased slightly, as shown in Figure 4.415, and 
appeared to contribute to load redistribution (which is consistent with the column base reactions 
seen previously).  These shear demands only slightly exceeded the design capacities of the 
connections. 
On the opposite side of the column (the west side of column B2), the axial forces were 
transferred through with some reduction and the shear forces were largely unaffected from their 
pre-column-loss values. 
The demands on the shear connections to the infill beams in the compromised panels 
were affected less than the column-line infill beams, as the rotations were approximately 2/3, and 
1/3 the magnitude for the closer and farther rows of infill beams to column line 2, respectively.  
Furthermore, due to the approximately symmetric response about column line 2, the results were 
mirrored about column line 2.  The connections in panels 1 and 6 saw slightly higher demands, 
as the displacements were biased just to the north of column line 2 (due to the shear connections 
between the exterior moment beams and column A1), so they were chosen to be presented here. 
The most highly-loaded of the panel infill beams were those at the south-west corner of 
panel 1.  They were subjected to negative rotations, and thus saw compressive axial demands, as 
shown in Figure 4.416.  The axial forces remain far below the connection capacities as do the 
shear forces given in Figure 4.417.  On the opposing side of the girder, the axial forces carried 
through unchanged while the shear forces remained nearly the same as the pre-column-loss static 
values. 
At the other end of the infill beams at the edge of the building, the flexible boundary 
conditions prevent the connections from attracting any real axial or shear force, as Figure 4.418 
and Figure 4.419 show. 
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It is clear from these results that the panel infill beams were neither subject to significant 
demands nor contributed meaningfully to load redistribution.  The small rotations were also 
insufficient to mobilize flange binding. 
4.6.4.6 Behavior of Columns 
All columns remained elastic during the column removal analysis and all intact columns 
had sufficient axial capacity to carry any additional redistributed loads. 
Column A3 was the most highly stressed, as Figure 4.390 shows.  It was subjected to 
both large increases in axial load as well as moment due to the negative rotations applied by the 
beams spanning across bay A2-A3.  Despite these demands, the column remained in the elastic 
range and no buckling occurred.  As the figure shows, there was some panel zone deformation, 
but it remained minimal and elastic, largely due to the continuity through the column to the 
moment connections on the opposite side. 
Column A1 did not experience panel zone shear deformation due to the flexible moment 
connections to the weak axis.  These connections did impose local deformation and stress on the 
webs, but again, the stresses were in the elastic range.  An example of the stresses is given in 
Figure 4.420 for the connections at floor 2 (where they were the highest due to the deepest beam 
being located at floor 2). 
The column splices in the compromised column saw relatively little demand, which was 
below what they would be designed for.  The axial forces dropped significantly following 
column loss with some remaining compression, indicating that upper floors distributed some 
load down to lower floors with stiffer moment-connected beams. This is shown in Figure 4.421.   
The strong-axis shear forces and moments in the lost-column splices were not 
significantly affected, as shown in Figure 4.422 and Figure 4.423, respectively.  These demands 
were below what the splices would be designed to withstand.  They were higher than the 
comparable values in column B1 splices during column B1 loss, given in Figure 4.387 and 
Figure 4.388, respectively.  This was a result of the shear connections at column A1 in this 
column-loss case which did not provide the same symmetry that was available during column B1 
loss.  Although these forces were somewhat higher, the peak magnitudes were still insignificant 
when compared to the forces and moments in the supporting moment beams. 
Weak-axis shear and moment in the column splices were negligible as was torsion. 
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4.6.5 Discussion of Perimeter Column Loss 
The two perimeter column-loss scenarios analyzed for the ten-story building gave similar 
results, but small differences illustrated the effect of framing connectivity and framing 
orientation.  While the structure was able to arrest collapse and bridge over the loss of both 
columns B1 and A2 without leading yield or damage in any components, the peak displacement 
was larger for column A2 as a result of the less rigid framing constraints. 
Along column line 1, both bays of framing on either side of the lost column (column B1) 
had rigid moment connections to the strong axis of both adjacent columns.  Along column line 
A, however, the moment framing had only shear connections to the weak axis of one of the 
adjacent columns to the lost column (column A2).  This additional flexibility prevented the 
moment frame beams from attracting any significant moment at this location and allowed the 
double-length span over the lost column to act more as a propped cantilever than the full fixed-
fixed continuous conditions present over the lost column for column B1 loss.  This permitted 
higher peak displacements and forced the affected moment connections to carry higher force, as 
the shear connections at column A1 were flexible and only attracted minimal additional load. 
This difference in perimeter framing also affected the overall load redistribution 
following column loss.  The increase in axial load in both adjacent perimeter columns during 
column B1 loss (in columns A1 and C1) was similar, while for column A2 loss, the majority of 
additional load was carried into the moment-connected adjacent column (column A3) while a 
much smaller load increase was seen at the weak-axis-oriented shear-connected column (column 
A1). 
The other difference in framing was the orientation of the infill beams.  In the case of 
column B1 loss, the infill beams were oriented parallel to the perimeter framing, while the 
location of column A2 resulted in the infill beams being oriented perpendicular to the perimeter 
framing.  This meant that the infill framing could provide positive-bending composite action in a 
double-length span to assist in bridging over the compromised bays during column B1 loss, but 
that only cantilever action through negative-bending would be available during column A2 loss.  
In column B1 loss, some of this composite bridging was evident, but its effect on the overall 
structural response appeared to be minimal.  In the case of column A2 loss, some small 
composite cantilever action utilizing tension in the steel deck and slab reinforcement and 
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compression in the shear connections developed, but its contribution to load-redistribution was 
negligible. 
Ultimately, the much stiffer perimeter moment frame and small overall peak 
displacements prevented any significant mobilization of interior framing in both column-loss 
scenarios.  No connection damage or flange binding was observed in any connections for either 
column-loss scenario. 
Two-way slab action appeared to contribute in both column-loss cases, but with the 
perimeter moment frames providing most of the capacity, its overall effect was minimal, much 
like that of the infill framing.  Even the positive-bending composite action that developed with 
the perimeter framing near the lost column did not produce compressive stresses that exceeded 
the crushing strength of the concrete.  The steel deck in both column-loss cases also remained in 
the elastic range. 
4.6.6 Performance and Behavior for Loss of Column B2 
Despite the lack of any moment-connected members, the ten-story structure was able to 
arrest collapse following the loss of interior column B2.  Without moment continuity, composite 
action through the shear connections required significantly larger displacements to develop 
adequate strength, and the according response resembled the interior column loss in the three-
story building much more than the perimeter column loss cases for the ten-story building.  The 
peak displacement was 13.9 inches, occurring 0.325 seconds following column loss.  This is 
shown in Figure 4.316. 
Although the ten-story structure was taller and included more floors than the three-story 
structure, the interior column loss scenario for column B2 can be closely compared to that of the 
three-story building.  Both were located the same distance from the corner of the building and 
the floor framing within the interior of the structure was very similar; only the interior girders 
differed (with W24x68s used in the ten-story building versus W21x68s in the three-story 
building).  Furthermore, the results from the interior column-loss scenarios for the three-story 
building indicated that each floor carried its own weight, so the number of repeated floors did not 
significantly affect the results.  Despite these similarities, the peak displacement of this column-
loss case was 13.9 inches, less than the 17.4 inches for the three-story building.  This is likely 
due to both the deeper interior girders and the larger column sections with full-depth column 
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stiffeners in the two columns at locations A3 and B1, which were not present in the three-story 
building.  As previous results in the three-story building have shown, stiffer columns allowed 
significantly higher binding forces to develop, which aided in load redistribution.  Additionally, 
the perimeter framing surrounding all compromised panels in the ten-story building is much 
stiffer moment-connected beams, rather than smaller shear-connected framing in three of the 
four associated bays in the three-story building. 
The displacement contours in Figure 4.424 closely resembled those for the three-story 
building in Figure 4.187 and showed that the deformation was symmetric about the lost column.  
It also suggests the framing members rotated about their connections while remaining primarily 
straight.  This is more clearly evident in Figure 4.425 (which again resembles that for the three-
story building in Figure 4.188), which shows that there was minimal curvature along beam 
lengths.   
Also seen in Figure 4.425 is the peak stress in the framing members, which was 57.7 ksi, 
well below the ultimate strength of 84 ksi used for the A992 steel material model and less than 
the 65.2 ksi peak for column B2 loss in the three-story building.  Outside of limited regions of 
high stress, most of the members remained elastic due to the weaker connections accommodating 
the majority of deformation and damage.  This indicates that failure due to overall material 
stresses would not occur and any failure would be limited to local connection. 
4.6.6.1 Load Redistribution 
As introduced earlier, the overall behavior and load redistribution for this column-loss 
case was essentially the same as for column B2 loss in the three-story building.  Without moment 
framing connected to the lost column in any direction, composite action was the only means of 
load redistribution.  Although the peak displacement was moderate, catenary action did not 
appear to be mobilized as connection axial forces at the perimeter of the compromised panels 
were all compressive.  Even at these perimeter locations, the absence of continuity beyond the 
connection was supplemented by the large, stiffened column sections which allowed negative-
bending composite action and connection binding to occur.  At the interior column locations, 
structural continuity allowed all connections to develop compressive force and many mobilized 
lower beam flange binding due to large beam rotations. 
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In the center of the compromised panels at the lost column, very significant composite 
moments were developed across the lost column in both in-plane floor framing directions on all 
floors.  This placed the concrete slab in compression to counter the tension in the shear 
connections.  The infill beams in the compromised panels also displayed this behavior along the 
girders in bays B1-B2-B3.  At the perimeter of the compromised panels, some negative-moment 
composite action was developed through tension in the slab reinforcement and steel deck and 
compression in the shear connections. 
With similar stiffness and strength in the shear connections, the load redistribution was 
spread out across all eight nearby columns, the same as in the case of column B2 loss in the 
three-story building.  Again, most of the load was redistributed to the four columns directly 
adjacent to the lost column (columns A2, C2, B1, and B3), but the four columns without a direct 
framing connection also saw increased loads (column A1, A3, C1, and C3).  This is shown in the 
base reaction plots in Figure 4.426, Figure 4.427, and Figure 4.428. 
For the four directly adjacent columns, composite action allowed the infill beams in bays 
A2-B2 and B2-C2 and the girders in bays B1-B2 and B2-B3 to act as double-length spans via 
positive-moment composite action through their connections to column B2.  At the edges of the 
compromised panels where the structure continues (at columns B3 and C2), some negative-
moment composite action developed, further contributing to load redistribution and allowing 
them to carry more redistributed load.  Figure 4.429 shows the ratio of force increases for the 
columns surrounding the one which was removed, which bear resemblance to those in Figure 
4.192 for the three-story building when the ratios for columns A2 and C2 are swapped with those 
from B1 and B3 to account for the rotated orientation of the infill and girder framing.  Since 
those at the perimeter were subject to smaller static loads before column loss than those at the 
interior, the ratios provide a good indicator of the increase in demand for each column and allow 
comparison between the two buildings, but cannot be used to assess the actual pattern of load 
redistribution.  For this, a graphic showing the increase in peak force at each column is given in 
Figure 4.430.  It shows that directly-adjacent columns in column line 2 carried the most 
additional force, with column A2 seeing a higher peak than column C2.  This is similar to those 
for the three-story building (when the orientations of the framing is again taken into account), 
shown in Figure 4.193, except the perimeter column now carries a greater portion of the load 
than the interior column in the same line.  This was due to the greater stiffness provided by the 
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heavy, stiffened perimeter column, which provided more rotational restraint than the continuity 
and negative composite moment capacity present at C2.  Even though columns in line 2 are only 
directly connected to the lost column with infill beams, the infill beams and two-way slab action 
in all four compromised panels brought load into the girders at the east and west ends of the 
compromised panels (in bays A1-A2-A3 and C1-C2-C3), which in turn flowed into columns A2 
and C2.  As the shear at the ends of these infill beams did not account for the all of the load 
(which will presented in a later section), it was also clear that the slab transferred noticeable load 
through two-way action.  The same trend was also apparent in column line B, where the 
perimeter column at location B1 carried more load than the interior column at B3. 
Again, as with the three-story building, it was apparent that additional load was carried 
into the four columns at the corners of the compromised bays (columns A1, C1, A3, and C3).  
With no direct connection to the lost column, this load was transferred through the infill beams 
and connected girders as well as two-way slab action: the same source of load transfer that 
resulted in columns A2 and C2 carrying the most load. 
No significant lateral forces were mobilized at the column bases as there were no moment 
frames connected to the failed column.  The shear connections did not possess sufficient negative 
moment stiffness, even though composite action, to transfer appreciable moments to outlying 
columns.  Furthermore, the presence of the ground-level framing served to insulate the column 
bases from any moments in the ground-story columns.  The lateral force time-history plots in 
Figure 4.431 and Figure 4.432 indicate that all lateral force peaks were below 10 kips. 
4.6.6.2 Behavior of Steel Deck 
As Figure 4.433 shows, the deck was highly stressed, and the patterns were the same as 
in the three-story building for a comparable column-loss case (shown in Figure 4.195).  A 
significant area surrounding the lost column reached the yield level of 30 ksi and entered the 
plastic zone along with localized regions at the perimeter of the compromised panels where the 
deck was mobilized in tension to generate negative composite moments.  Unlike the case of 
column B2 loss in the three-story building, noticeable yielding was visible in the deck 
surrounding the two perimeter columns adjacent to column B2, which was a result of the 
increased column weak-axis stiffness.  This allowed larger negative-bending composite moments 
to develop that imposed greater demand on the steel deck. 
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Even outside of the yielded zones, most of the deck within the compromised panels was 
stressed above 20 ksi, further illustrating the level of demand. 
Due to the large plastic regions, it is likely that the deck in a physical structure would 
suffer from local damage at puddle welds as well as end and lap splices in this column loss 
scenario.  This would negatively affect the force capacity and may influence the overall response 
of the structure.  It is likely, however, that the general performance of the structure would not be 
drastically impacted as the contribution from the deck is not significant.  Peak displacements 
would likely increase and other structural components and connections would probably see 
somewhat increased loads, however. 
4.6.6.3 Behavior of Concrete Slab 
With composite action being the primary load-redistribution mechanism, the concrete 
slab was highly stressed, particularly in the positive-bending regions surrounding column B2 and 
above the nearby infill beam connections to girders in bays B1-B2-B3.  The peak principle 
compressive stress distributions given in Figure 4.434 were similar to those for the three-story 
building in Figure 4.196 and show that the crushing strength was exceeded in the small region 
directly around lost column B2.  Although the concrete model did not capture failure, the 
localized region above the crushing strength suggests that the overall response was not 
significantly affected by this lack of detail.  The stress contours show that not only did 
significant composite action develop in all four in-plane directions extending out from column 
B2, but that composite action was also mobilized for the infill beams in all four compromised 
panels as well as the girders in bays C1-C3-C3.  The composite moments were not as significant 
in perimeter bays A1-A2-A3 because the beams sections were much heavier. 
Even outside of the composite-action-induced regions of stress, the slab was stressed due 
to two-way span action and compression ring action as seen in other research endeavors (Sadek, 
El-Tawil and Lew 2008).  Two-way span action allowed compression to develop at the top of the 
slab employing the slab steel reinforcement and steel deck as tensile reinforcement.  
Additionally, compression ring action can only develop for interior column removal cases, as all 
four quadrants surrounding the lost column must be present. 
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4.6.6.4 Behavior of Moment Connections 
There were no moment connections directly to the lost column and the nearest sets in 
column lines A and 1 were not loaded beyond the oscillatory ―noise‖ resulting from dynamic 
effects.  Thus, there were no useful results from moment connections to present for this column 
removal scenario. 
4.6.6.5 Behavior of Shear Connections 
The response of the shear connections was similar to those in the three-story building for 
column B2 loss, although the smaller peak vertical displacement, stiffer boundary conditions at 
columns A2 and B1, and slightly deeper interior girders did alter the forces somewhat.  Again, 
however, with composite action being the only significant load-redistribution mechanism, shear 
connections for this column-loss scenario were subject to severe demands.  The highest demands 
on shear connections were tensile loading on connections to the lost column, as they were 
located at the center of the double-length spans which required large positive-bending composite 
moments to bridge over the failed column.  Infill beam shear connections along the centerline of 
the compromised panels saw similar demands due to positive composite moment demands there 
as well.  At the perimeter of the compromised panels, compressive forces and binding action 
developed as negative composite moments were mobilized.  Gross connection rotations peaked 
just below 0.04 radians, as seen in Figure 4.319.  These were less than the peak of 0.005 radians 
for connections in the three-story building and well within the rotational capacities of the 
connections.  When the high tensile forces were included, however, some irreversible connection 
damage occurred.  This indicates that it is important to consider more than the simple rotation or 
tensile load alone, as connection elements (e.g. bolts via various limits states) fail individually 
when subjected to a combination of rotation and tension and do not behave as one unitized 
connection. 
All connections to the failed column were loaded to their peak capacity and experienced 
some damage, although no bolt connector elements reached full failure.  This included both the 
column-line infill framing beams in the east-west direction and the interior girders in the north-
south direction.  These connections were all loaded in tension due to the positive composite 
moment that developed utilizing couple forces with compression in the slab and tension in the 
shear connections.  This required the same tensile force magnitudes on both sides of the column, 
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so the data is generally only presented for connections on one side of column B2 (the lost 
column) in each direction, as the results were nearly identical on the opposing side. 
The shear connections to the interior girders on the north side of column B2 were heavily 
loaded in tension upon column removal and reached the peak capacity of the connection 
elements, as shown in Figure 4.435.  Due to rotation at the connection, the lower bolts reached 
peak capacity and began to accrue damage before the upper bolts reached their peak force, which 
accounts for the peak below the idealized uniaxial tensile capacity of the connection.  By the 
time of peak displacement (at 0.325 seconds following column loss), the lower bolts at each floor 
had lost 40% of their capacity, and the second row had lost about 5% of their capacity.  The 
upper three rows of bolts in each connection did not exceed their peak capacity and hence did not 
accumulate any damage.  The damage in these connections was substantially less than those at 
comparable connections in the three-story building following column B2 loss.  Despite suffering 
damage, the connections remained intact due to their remaining strength and had sufficient shear 
capacity remaining to withstand any loadings in that direction, as Figure 4.436 shows.  As this 
connection was at the center of the double-length beam, the shear was near zero. 
As mentioned earlier, the forces on the opposing side of the column (on the south side of 
column B2) were essentially the same as those just presented.  Connection damage was less, 
however, as the flexible column web allowed rotation in the direction of the western connection, 
causing the damage to be concentrated in the east connection.  This behavior was somewhat 
random, however, and the connections on both sides should be expected to suffer from similar 
damage. 
At the edge of the compromised span at the north side of column B3, the girder 
connections were loaded in compression and rotations were large enough to cause lower flange 
binding.  As discussed previously, these compressive axial forces resulted from limited negative-
moment composite action employing the slab reinforcement and steel deck to provide the tensile 
couple force to match the compressive force in the girder shear connection and flange binding.  
As Figure 4.437 shows, these compressive forces were within the capacity of the connections 
and no connection damage occurred.  When the rotations reached a level sufficient to close the 
gap between the lower girder flanges and the column web, binding forces developed as seen in 
Figure 4.438.  The binding forces were significant and exceeded the forces found in the shear 
connections alone.  Although the binding action shifted the axis of rotation for the connection to 
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the lower beam flange, the displacements were not large enough, however, for this to place any 
of the bolt elements in tension, even those at the top.  As the girders were responsible for 
transferring additional load into column B3 (which was seen earlier), the shear forces increased, 
as shown in Figure 4.439.  The peak shear forces approached, but did not exceed the shear 
capacity of the connections. 
On the opposing side of column B3, the connection axial forces were very similar as they 
were easily transferred through the column web.  The binding forces were lower, however, as the 
column attracted some force when the column web deformed to contact the beam flanges on the 
south side.  The shear forces were only slightly affected from their pre-column-loss values as 
they were not transferring load. 
At the other side of the compromised panels, the girder connections to the south side of 
column B1 saw similar forces due to the significant stiffness of the supporting columns.  This 
allowed the girders to actually mobilize higher binding forces and carry greater loads into 
column B1 than at B3, where the more flexible column web had to deform an additional ½‖ after 
initial contact to reach the girder flange on the opposing side to gain rigidity.  The axial forces 
were comparable, as seen in Figure 4.440, but the flange binding forces were nearly double, as 
Figure 4.441 shows.  This resulted in greater negative moment capacity and allowed the girders 
to transfer more load from the compromised double span, as the shear force plot in Figure 4.442 
demonstrates.  This is consistent with the load-redistribution behavior seen previously.  The 
load-redistribution was significant enough that the peak shear force at floor 2 exceeded the 
nominal design capacity of the bolted shear connections.  Although the shear did exceed the 
theoretical capacity at floor 2, it did so only by a very small margin and the force at all other 
floors remained within their respective capacities.  It is probable, then, that this would not result 
in any significant failure, as the slab should be capable of carrying some small additional shear if 
the shear connection would incur some ductile shear damage. 
In the other direction along column line 2, similar behavior was seen in the column-line 
infill beams.  The axial forces on the connections at the east side of column B2 did reach the 
capacity of the connector elements, as seen in Figure 4.443, and again were less than the 
theoretical uniaxial capacity due to rotation.  The shallower connection (featuring only three 
bolts instead of five) limited the damage, however, and only the lower row of bolts incurred any 
damage, which peaked at about 5%.  The shear demand was very significant, again likely due to 
 205 
 
the prying action seen before, and as Figure 4.444 shows, it exceeds the theoretical design 
capacity of the connection.  Since shear damage was not included in the connection model, the 
impact of this is not clear.  It is possible that the relaxation resulting from ductile shear damage 
of the connection (with the limit state being block shear rupture in this case) would allow the 
connection to remain largely intact, this is undesirable and the connection should be redesigned 
to withstand higher shear loads to prevent possible failure and the corresponding loss of axial 
force that would be much more influential on the robustness of the structure. 
Again, the connection forces on the opposite side of column B2 (i.e., on the west side) 
were nearly identical, and are thus not presented separately here.  Unlike the girder connections, 
however, the connection damage on both sides was nearly identical as the strong axis stiffness of 
the column prevented damage from accumulating in connections on one side alone. 
At the edge of the compromised panels at the east side of column C2, the same 
compressive force and flange binding trends were seen as at the north side of column B3, as 
Figure 4.445 demonstrates.  Again, these compressive forces were within the capacity of the 
connections and no connection damage occurred.  Just as in the connections at column B3, when 
the rotations reached a level sufficient to close the gap between the lower girder flanges and the 
column web, binding forces developed as seen in Figure 4.446.  The binding forces were 
significant and exceeded the forces found in the shear connections alone.  As the infill beams 
were responsible for transferring additional load into column C2 (which was seen earlier), the 
shear forces increased, as shown in Figure 4.447.  The peak shear forces in this case exceeded 
the nominal design capacity of the shear connections.  As discussed previously, the impact of 
this is not clear. 
At the west side of column C2, the axial forces were nearly identical, but binding did not 
occur as the strong axis of the column was oriented in the direction of the beams, preventing 
sufficient deformation to make contact.  The shear forces increased slightly, but the peaks were 
well below the design shear connection capacity. 
At the other side of the compromised panels, the column-line infill beam connections to 
the east side of column A2 saw similar behavior as the connections to the interior column, due to 
the significant stiffness of the supporting columns.  Unlike the girder connections at column B1, 
binding forces were not higher than at the interior column location in the same column line.  This 
difference is most likely due to the shallower infill beams with narrower flanges which contacted 
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the column web farther from the full-depth column stiffeners, which allowed more flexibility 
following flange contact.  The axial forces were similar to those at the comparable interior 
location, as seen in Figure 4.448, and the flange binding forces were slightly lower, as Figure 
4.449 shows.  This resulted in a slightly reduced negative moment capacity which kept the shear 
just within the connection capacities, as Figure 4.450 demonstrates.  Although the shear at floor 
2 just barely exceeded the capacity, it is unlikely this would result in any noteworthy damage. 
As discussed previously, the infill beams within the panels also contributed to load-
redistribution.  Those in the two rows nearest column line 2 saw the highest loads, with those 
closer to column lines 1 and 3 seeing the same general trends and behavior, only with peak force 
magnitudes of about one-half, corresponding to the rotation and deformation magnitudes of 
about one-half.  The response was essentially mirrored about column line 2 (the center of the 
four compromised panels, in the east-west direction), and with the observation that the outer 
rows behaved similarly with smaller peak forces, only one row of connections is presented.  The 
row selected was the western row in panels 1, 6, and 11. 
The connections to girders in bay B1-B2 in the south-west corner of panel 1 saw 
significant axial forces, due to positive-moment composite action, as Figure 4.451 shows.  
Although the axial force approached the connections’ axial capacity, no damage occurred.  The 
shear force also increased substantially, as seen in Figure 4.452, but remained below the capacity 
of the connections.  This increase was most likely due to the prying action discussed previously. 
The connections on the opposite side of the girders in bay B1-B2 showed nearly identical 
forces as did the companion connections mirrored about column line 2 in bay B2-B3. 
At the infill beam connections the south-west corner of panel 6 to girders in bay C1-C2, 
negative moment placed the shear connections in compression, as shown in Figure 4.453.  The 
compressive force remained within the capacity of the connection and no damage was incurred.  
The rotations were insufficient to mobilize binding in these connections.  The shear forces given 
in Figure 4.454 increased, likely due to some load redistribution, but remained well within the 
nominal capacities of the connections. 
On the opposite side of the girders in Bay C1-C2, the axial forces were carried through 
essentially unchanged while the shear forces were nearly unaffected from their pre-column-loss 
values.  Again, the companion connections mirrored about column line 2 in bay C2-C3 showed 
nearly identical behavior. 
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 At the opposite edge of the compromised panels in the south-east corner of panel 1, the 
infill beam shear connections to the perimeter beams in bay A1-A2 showed much lower forces.  
Without continuity on the east side, compressive forces could not develop, and the perimeter 
beams simply rotated with the infill beam.  This resulted in very minimal axial force increases, as 
seen in Figure 4.455.  The shear forces were also essentially unchanged, as shown in Figure 
4.456, indicating that little, if any, load transfer was occurring from the compromised panels into 
the perimeter beams. 
Again, the companion connections mirrored about column line 2 in bay A2-A3 showed 
nearly identical behavior. 
As described previously, the infill beam connections in the northern line of panels 1, 6 
and 11 showed nearly identical behavior as those in the southern row just presented, only the 
peak magnitudes were approximately one-half.  The same behavior was seen in the southern row 
in panels 2, 7, and 12, mirrored about column line 2.  In the interested of brevity, the detailed 
responses of these connections are not presented. 
4.6.6.6 Behavior of Columns 
Without any moment frames in the areas directly affected by the column loss, there were 
no significant moment demands on any columns in the structure.  Thus, no panel zone 
deformation occurred and most stress increases in columns resulted from increased axial loads, 
although there were some localized stresses from flange binding, as can be seen Figure 4.425.  
This was most pronounced in column B1 where the deep interior girder in contact with the 
column web introduced deformation and stress.  The binding effects, however, did not 
significantly impact the performance of the columns and caused only local deformations. 
The column splices in the lost column had little demand placed on them during the 
column loss.  As Figure 4.457 shows, the axial forces dropped and oscillated about zero after the 
column support was removed, indicating the no load was redistributed between floors.  The shear 
and moment in both directions as well as torsion was negligible at the column splices, and is thus 
not presented here. 
Again, as with all previous column-loss scenarios, the axial capacity of the columns were 
sufficient to withstand the additional demands imposed by the column failure.  Even though most 
surrounding columns saw more than a 50% increase in load and the axial load in column A2 
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more than doubled, the peak demands were less than the design strengths.  This was credited to 
the higher gravity design load combination (1.2D + 1.6L) versus the 1.0D + 0.25L combination 
used for the dynamic column-loss simulations. 
4.6.7 Discussion of Interior Column Loss 
Overall, the response of the ten-story building to the loss of an interior column very 
closely resembled that of the comparable column in the three-story building.  Some small 
differences in structural configuration, such as slightly deeper interior girders and stiffer 
perimeter columns resulted in a reduced peak displacement and accordingly reduced stresses and 
connection damage.   
Although the stiffness of the exterior columns supporting the interior girders and infill 
beams resulted in greater binding force and shear than the similar interior locations, the results 
can be extended to other interior columns farther from the corner.  The peak displacement was 
less than that for the similarly-located column in the three-story building due to this additional 
fixity at the exterior columns, but it was still greater than the full-interior case in the three-story 
building.  Furthermore, the peak displacement of a full-interior column loss in the ten-story 
building would likely be less than that for the three-story due to the deeper interior girders in the 
ten-story structure.  This indicates that the support provided by the stiffer perimeter columns was 
not superior to the full continuity of two or more bays on all sides of the missing column. 
In general, however, the interior column-loss cases can be compared favorably between 
the two buildings.  This demonstrates that the number of floors is irrelevant when considering the 
loss of an interior column, as each floor carries its own weight (as long as the loads at each floor 
are similar). 
4.7 CONCLUDING REMARKS ON THE TEN-STORY BUILDING RESULTS 
The ten-story building was able to arrest collapse following the loss of any ground-level 
supporting column in the floor plan.  Although only four unique column locations were analyzed 
for loss, the symmetry of the structure allowed the results to be extended to the remaining 
columns.  All cases that were studied were the worst possible cases, as they were located nearest 
to the corner of the building and thus included the least continuity to adjacent bays.  This 
indicates that column-loss for any column locations not explicitly analyzed would perform at 
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least as good as the similar case studied, as they would have equal or superior continuity to the 
surrounding structure. 
The ten-story building performed much better than the three-story building following loss 
of the corner and perimeter columns.  This was primarily attributed to the stiffer and stronger 
moment frames that were required due to the taller building height, and not simply to the fact 
that there were more floors.  Although some loads were distributed down through the remaining 
portion of the failed column, this was only a result of the stiffer moment beams being located 
farther down the structure.  The structure also benefitted simply from the fact the moment frames 
extended around the entire perimeter, which eliminated the gravity-only bays on the perimeter 
that were included in the three-story building.  This ensured there were moment-connected 
beams framing into any perimeter column, which provided drastically superior response to shear-
connected framing.  Even the shear connections at one side of the corner columns did not 
significantly alter the overall response of the structure, as the remaining moment connections 
were able to adequately carry the load.  In all of these column-loss cases, the ample capacity 
ensured that all stresses in the framing remained elastic and that the demands on all bolted shear 
connections remained below the expected design capacities. 
The interior column-loss scenario for the ten-story building resembled the comparable 
case of the three-story building (column B2) very closely.  With the same framing layout, the 
response differed only slightly due to deeper interior girders and stiffer perimeter columns in the 
weak axis.  This resulted in lower peak displacements and less demand and damage on the 
associated shear connections.  Column loss at other interior locations would be expected to 
follow this trend when compared to similar locations in the three-story building.  As with the 
three-story building, shear demands in some of the bolted shear connections exceeded design 
capacities. 
Overall, the results from the column-removal scenarios in the ten-story building agreed 
well with past research on the same building.  This past work focused on perimeter column 
locations with complete moment frames on either side and found they fare well, and are able to 
redistribute the load no longer carried through the lost column (Foley, Martin and Schneeman 
2007).  The addition of the composite action offered through the concrete slab and steel deck, 
however, increased the stiffness of the system significantly over the model used in the work done 
by Foley.  For instance, Foley found the peak vertical displacement at the missing column in a 
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perimeter moment frame (e.g. column B1) to be just under 2.5 inches, while the simulation 
carried out for the same column in this project saw a peak displacement of only 1.6 inches. 
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CHAPTER 4 FIGURES  
 
Figure 4.1: Legend for symbols used in connection force plots 
 
Figure 4.2: Vertical displacement time-history for each corner column removed 
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Figure 4.3: North-south lateral displacement time-history for each corner column 
 
Figure 4.4: East-west lateral displacement time-history for each corner column 
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Figure 4.5: Calculated gross connection rotations at removed and adjacent columns for corner 
column removal 
 
Figure 4.6: Deformed steel deck layers for column A1 removal at 0.40 s when significant 
plastification has occurred 
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Figure 4.7: Deformed displacement contours (inches) for column A1 removal at 0.40 s, 1x scale 
factor, viewed from upper north-east side 
 
Figure 4.8: Deformed framing for column A1 removal at 0.40 s with von Mises stress, (ksi), deck 
and slab hidden, 1x scale factor, viewed from north side 
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Figure 4.9: Deformed framing for column A1 removal at 0.40 s with von Mises stress, (ksi), deck 
and slab hidden, 1x scale factor, viewed from east side 
 
Figure 4.10: Deformed displacement contours (inches) for column A1 removal at 1.00 s, 1x scale 
factor, viewed from upper north-east side 
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Figure 4.11: Deformed displacement contours (inches) for column A5 removal at 0.405 s, 10x scale 
factor, viewed from upper south-east side 
 
Figure 4.12: Deformed framing for column A5 removal at 0.405 s with von Mises stress, (ksi), deck 
and slab hidden, 10x scale factor, viewed from east side 
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Figure 4.13: Deformed framing for column A5 removal at 0.405 s with von Mises stress, (ksi), deck 
and slab hidden, 10x scale factor, viewed from south side 
 
Figure 4.14: Column vertical base reactions along column line A for loss of column A5 
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Figure 4.15: Column vertical base reactions along column line B for loss of column A5 
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Figure 4.16: Peak column base reaction ratios for column A5 loss (peak force/force due to static 
gravity load before column loss) 
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Figure 4.17: Peak column base force increases for column A5 loss (peak force exceeding static 
gravity load before column loss) 
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Figure 4.18: Sum of all vertical column base reactions for column A5 removal 
 
Figure 4.19: Column North-South lateral base reactions along column line A for loss of column A5 
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Figure 4.20: Deformed steel deck layers with von Mises stress contours for column A5 removal at 
0.405 s, 10x scale factor, viewed from upper south-east side 
 
Figure 4.21: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column A5 removal at 0.405 s, 10x scale factor, viewed from upper south-east side 
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Figure 4.22: Deformed concrete slab layers with cracked regions in gray at the top surface for 
column A5 removal at 0.405 s, 10x scale factor, viewed from upper south-east side 
 
Figure 4.23: Section interaction diagram for moment connections at south side of column A4 for 
column A5 removal 
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Figure 4.24: Flange axial forces for moment connections at south side of column A4 for column A5 
removal 
 
Figure 4.25: Connection axial forces for moment connections at south side of column A4 for column 
A5 removal 
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Figure 4.26: Connection shear forces for moment connections at south side of column A4 for 
column A5 removal 
 
Figure 4.27: Connection flange bending moments for moment connections at south side of column 
A4 for column A5 removal 
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Figure 4.28: Section interaction diagram for moment connections at north side of column A4 for 
column A5 removal 
 
Figure 4.29: Section interaction diagram for moment connections at north side of column A5 for 
column A5 removal 
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Figure 4.30: Flange axial forces for moment connections at north side of column A5 for column A5 
removal 
 
Figure 4.31: Connection shear forces for moment connections at north side of column A5 for 
column A5 removal 
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Figure 4.32: Connection axial forces for shear connections at west side of column A5 for column A5 
removal 
 
Figure 4.33: Connection shear forces for shear connections at east side of column B5 for column A5 
removal 
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Figure 4.34: Connection axial forces for shear connections at east side of column B5 for column A5 
removal 
 
Figure 4.35: Connection binding forces for shear connections at east side of column B5 for column 
A5 removal 
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Figure 4.36: Connection axial forces for north-east infill beam shear connections in panel 4 for 
column A5 removal 
 
Figure 4.37: Connection shear forces for north-east infill beam shear connections in panel 4 for 
column A5 removal 
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Figure 4.38: Vertical displacement time-history for perimeter column removal along line A 
 
Figure 4.39: North-South lateral time-history for perimeter column removal along line A 
-25
-20
-15
-10
-5
0
0 0.5 1 1.5 2
D
is
p
la
ce
m
e
n
t 
(i
n
)
Time (s)
Vertical Displacement at Missing Column
A2
A3
A4
-2
-1.5
-1
-0.5
0
0.5
0 0.5 1 1.5 2
D
is
p
la
ce
m
e
n
t,
 P
o
si
ti
ve
 N
o
rt
h
 (i
n
)
Time (s)
N-S Displacement at Missing Column
A2
A3
A4
 232 
 
 
Figure 4.40: East-West lateral time-history for perimeter column removal along line A 
 
Figure 4.41: Calculated gross connection rotations at removed and adjacent columns for column 
removal along line A 
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Figure 4.42: Deformed displacement contours (inches) for column A2 removal at 0.545 s, 3x scale 
factor, viewed from upper north-east side 
 
Figure 4.43: Deformed framing for column A2 removal at 0.545 s with von Mises stress, (ksi), deck 
and slab hidden, 3x scale factor, viewed from east side 
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Figure 4.44: Deformed framing for column A2 removal showing LTB at column A3, floor 3 at 0.545 
s with von Mises stress, (ksi), deck and slab hidden, 3x scale factor, viewed from north-east side 
 
Figure 4.45: Column vertical base reactions along column line A for loss of column A2 
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Figure 4.46: Column vertical base reactions along column line B for loss of column A2 
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Figure 4.47: Peak column base reaction ratios for column A2 loss (peak force/force due to static 
gravity load before column loss) 
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Figure 4.48: Peak column base force increases for column A2 loss (peak force exceeding static 
gravity load before column loss) 
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Figure 4.49: Column North-South lateral base reactions along column line A for loss of column A2 
 
Figure 4.50: Deformed steel deck layers with von Mises stress contours for column A2 removal at 
0.545 s, 1x scale factor, viewed from upper north-east side 
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Figure 4.51: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column A2 removal at 0.545 s, 1x scale factor, viewed from upper north-east side 
 
Figure 4.52: Section interaction diagram for moment connections at north side of column A3 for 
column A2 removal 
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Figure 4.53: Connection axial forces for moment connections at north side of column A3 for column 
A2 removal 
 
Figure 4.54: Flange axial forces for moment connections at north side of column A3 for column A2 
removal 
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Figure 4.55: Connection shear forces for moment connections at north side of column A3 for 
column A2 removal 
 
Figure 4.56: Connection flange bending moments for moment connections at north side of column 
A3 for column A2 removal 
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Figure 4.57: Section interaction diagram for moment connections at south side of column A3 for 
column A2 removal 
 
Figure 4.58: Connection axial forces for moment connections at south side of column A3 for column 
A2 removal 
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Figure 4.59: Section interaction diagram for moment connections at south side of column A2 for 
column A2 removal 
 
Figure 4.60: Connection axial forces for moment connections at south side of column A2 for column 
A2 removal 
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Figure 4.61: Flange axial forces for moment connections at south side of column A2 for column A2 
removal 
 
Figure 4.62: Connection shear forces for moment connections at south side of column A2 for 
column A2 removal 
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Figure 4.63: Connection axial forces for shear connections at north side of column A2 for column 
A2 removal 
 
Figure 4.64: Connection shear forces for shear connections at north side of column A2 for column 
A2 removal 
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Figure 4.65: Connection axial forces for shear connections at south side of column A1 for column 
A2 removal 
 
Figure 4.66: Connection shear forces for shear connections at south side of column A1 for column 
A2 removal 
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Figure 4.67: Connection axial forces for shear connections at east side of column B2 for column A2 
removal 
 
Figure 4.68: Connection binding forces for shear connections at east side of column B2 for column 
A2 removal 
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Figure 4.69: Connection shear forces for shear connections at east side of column B2 for column A2 
removal 
 
Figure 4.70: Connection axial forces for north-east infill beam shear connections in panel 2 for 
column A2 removal 
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Figure 4.71: Connection shear forces for north-east infill beam shear connections in panel 2 for 
column A2 removal 
 
Figure 4.72: Connection axial forces for south-east infill beam shear connections in panel 2 for 
column A2 removal 
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Figure 4.73: Connection shear forces for south-east infill beam shear connections in panel 2 for 
column A2 removal 
 
Figure 4.74: Deformed displacement contours (inches) for column A3 removal at 0.25 s, 10x scale 
factor, viewed from upper north-east side 
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Figure 4.75: Deformed framing for column A3 removal at 0.25 s with von Mises stress, (ksi), deck 
and slab hidden, 10x scale factor, viewed from east side 
 
Figure 4.76: Column vertical base reactions along column line A for loss of column A3 
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Figure 4.77: Column vertical base reactions along column line B for loss of column A3 
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Figure 4.78: Peak column base reaction ratios for column A3 loss (peak force/force due to static 
gravity load before column loss) 
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Figure 4.79: Peak column base force increases for column A3 loss (peak force exceeding static 
gravity load before column loss) 
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Figure 4.80: Column North-South lateral base reactions along column line A for loss of column A3 
 
Figure 4.81: Deformed steel deck layers with von Mises stress contours for column A3 removal at 
0.25 s, 10x scale factor, viewed from upper north-east side 
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Figure 4.82: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column A3 removal at 0.25 s, 10x scale factor, viewed from upper north-east side 
 
Figure 4.83: Deformed concrete slab layers with cracked regions in gray at the top surface for 
column A3 removal at 0.25 s, 10x scale factor, viewed from upper north-east side 
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Figure 4.84: Interaction diagram for moment connections at south side of column A3 for column 
A3 removal 
 
Figure 4.85: Flange axial forces for moment connections at south side of column A3 for column A3 
removal 
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Figure 4.86: Connection axial forces for moment connections at south side of column A3 for column 
A3 removal 
 
Figure 4.87: Connection shear forces for moment connections at south side of column A3 for 
column A3 removal 
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Figure 4.88: Connection shear forces for moment connections at north side of column A3 for 
column A3 removal 
 
Figure 4.89: Interaction diagram for moment connections at north side of column A4 for column 
A3 removal 
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Figure 4.90: Flange axial forces for moment connections at north side of column A4 for column A3 
removal 
 
Figure 4.91: Connection axial forces for moment connections at north side of column A4 for column 
A3 removal 
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Figure 4.92: Connection shear forces for moment connections at north side of column A4 for 
column A3 removal 
 
Figure 4.93: Connection flange bending moments for moment connections at north side of column 
A4 for column A3 removal 
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Figure 4.94: Flange axial forces for moment connections at south side of column A4 for column A3 
removal 
 
Figure 4.95: Interaction diagram for moment connections at south side of column A2 for column 
A3 removal 
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Figure 4.96: Flange axial forces for moment connections at south side of column A2 for column A3 
removal 
 
Figure 4.97: Connection axial forces for moment connections at south side of column A2 for column 
A3 removal 
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Figure 4.98: Connection shear forces for moment connections at south side of column A2 for 
column A3 removal 
 
Figure 4.99: Connection flange bending moments for moment connections at south side of column 
A2 for column A3 removal 
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Figure 4.100: Connection axial forces for shear connections at north side of column A2 for column 
A3 removal 
 
Figure 4.101: Connection axial forces for shear connections at west side of column A3 for column 
A3 removal 
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Figure 4.102: Connection shear forces for shear connections at west side of column A3 for column 
A3 removal 
 
Figure 4.103: Connection axial forces for shear connections at east side of column B3 for column A3 
removal 
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Figure 4.104: Connection shear forces for shear connections at east side of column B3 for column 
A3 removal 
 
Figure 4.105: Connection axial forces for south-east infill beam shear connections in panel 2 for 
column A3 removal 
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Figure 4.106: Connection shear forces for south-east infill beam shear connections in panel 2 for 
column A3 removal 
 
Figure 4.107: Connection axial forces for north-east infill beam shear connections in panel 2 for 
column A3 removal 
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Figure 4.108: Connection shear forces for north-east infill beam shear connections in panel 2 for 
column A3 removal 
 
Figure 4.109: Deformed framing for column A4 removal at 0.25 s with von Mises stress, (ksi), deck 
and slab hidden, 10x scale factor, viewed from east side 
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Figure 4.110: Vertical displacement time-history for perimeter column removal along line 1 
 
Figure 4.111: North-South lateral time-history for perimeter column removal along line 1 
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Figure 4.112: East-West lateral time-history for perimeter column removal along line 1 
 
Figure 4.113: Calculated gross connection rotations at removed and adjacent columns for column 
removal along line 1 
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Figure 4.114: Deformed displacement contours (inches) for column B1 removal at 0.580 s, 3x scale 
factor, viewed from upper north-east side 
 
Figure 4.115: Deformed framing for column B1 removal at 0.580 s with von Mises stress, (ksi), deck 
and slab hidden, 3x scale factor, viewed from east side 
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Figure 4.116: Deformed steel deck layers with von Mises stress contours for column B1 removal at 
0.580 s, 3x scale factor, viewed from upper north-east side 
 
Figure 4.117: Deformed displacement contours (inches) for column C1 removal at 0.410 s, 5x scale 
factor, viewed from upper north-east side 
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Figure 4.118: Deformed framing for column C1 removal at 0.410 s with von Mises stress, (ksi), deck 
and slab hidden, 5x scale factor, viewed from north side 
 
Figure 4.119: Column vertical base reactions along column line 1 for loss of column C1 
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Figure 4.120: Column vertical base reactions along column line 2 for loss of column C1 
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Figure 4.121: Peak column base reaction ratios for column C1 loss (peak force/force due to static 
gravity load before column loss) 
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Figure 4.122: Peak column base force increases for column C1 loss (peak force exceeding static 
gravity load before column loss) 
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Figure 4.123: Column North-South lateral base reactions for loss of column C1 
 
Figure 4.124: Deformed steel deck layers with von Mises stress contours for column C1 removal at 
0.410 s, 5x scale factor, viewed from upper north-east side 
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Figure 4.125: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column C1 removal at 0.410 s, 5x scale factor, viewed from upper north-east side 
 
Figure 4.126: Section interaction diagram for moment connections at east side of column D1 for 
column C1 removal 
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Figure 4.127: Connection axial forces for moment connections at east side of column D1 for column 
C1 removal 
 
Figure 4.128: Flange axial forces for moment connections at east side of column D1 for column C1 
removal 
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Figure 4.129: Connection shear forces for moment connections at east side of column D1 for 
column C1 removal 
 
Figure 4.130: Connection flange bending moments for moment connections at east side of column 
D1 for column C1 removal 
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Figure 4.131: Section interaction diagram for moment connections at west side of column D1 for 
column C1 removal 
 
Figure 4.132: Section interaction diagram for moment connections at west side of column C1 for 
column C1 removal 
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Figure 4.133: Connection axial forces for moment connections at west side of column C1 for column 
C1 removal 
 
Figure 4.134: Flange axial forces for moment connections at west side of column C1 for column C1 
removal 
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Figure 4.135: Connection shear forces for moment connections at west side of column C1 for 
column C1 removal 
 
Figure 4.136: Connection axial forces for shear connections at east side of column C1 for column 
C1 removal 
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Figure 4.137: Connection shear forces for shear connections at east side of column C1 for column 
C1 removal 
 
Figure 4.138: Connection axial forces for shear connections at west side of column B1 for column 
C1 removal 
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Figure 4.139: Connection binding forces for shear connections at west side of column B1 for column 
C1 removal 
 
Figure 4.140: Connection shear forces for shear connections at west side of column B1 for column 
C1 removal 
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Figure 4.141: Connection axial forces for shear connections at south side of column C1 for column 
C1 removal 
 
Figure 4.142: Connection shear forces for shear connections at south side of column C1 for column 
C1 removal 
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Figure 4.143: Connection axial forces for shear connections at north side of column C2 for column 
C1 removal 
 
Figure 4.144: Connection binding forces for shear connections at north side of column C2 for 
column C1 removal 
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Figure 4.145: Connection shear forces for shear connections at north side of column C2 for column 
C1 removal 
 
Figure 4.146: Connection axial forces for south-west infill beam shear connections in panel 5 for 
column C1 removal 
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Figure 4.147: Connection shear forces for south-west infill beam shear connections in panel 5 for 
column C1 removal 
 
Figure 4.148: Connection axial forces for north-west infill beam shear connections in panel 5 for 
column C1 removal 
-10
0
10
20
30
40
50
60
0 0.5 1 1.5 2
Sh
e
ar
 F
o
rc
e
 (
k)
Time (s)
Connection Shear Force
Roof
Floor 3
Floor2 
Capacity
-10
0
10
20
30
40
50
60
70
80
0 0.5 1 1.5 2
A
xi
al
 F
o
rc
e
 (
k)
Time (s)
Connection Axial Force
Roof
Floor 3
Floor2 
Capacity
 291 
 
 
Figure 4.149: Connection shear forces for north-west infill beam shear connections in panel 5 for 
column C1 removal 
 
Figure 4.150: Deformed displacement contours (inches) for column D1 removal at 0.240 s, 10x scale 
factor, viewed from upper north-east side 
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Figure 4.151: Deformed framing for column D1 removal at 0.240 s with von Mises stress, (ksi), deck 
and slab hidden, 10x scale factor, viewed from north side 
 
Figure 4.152: Column vertical base reactions along column line 1 for loss of column D1 
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Figure 4.153: Column vertical base reactions along column line 2 for loss of column D1 
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Figure 4.154: Peak column base reaction ratios for column D1 loss (peak force/force due to static 
gravity load before column loss) 
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Figure 4.155: Peak column base force increases for column D1 loss (peak force exceeding static 
gravity load before column loss) 
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Figure 4.156: Column East-West lateral base reactions along column line 1 for loss of column D1 
 
Figure 4.157: Deformed steel deck layers with von Mises stress contours for column D1 removal at 
0.240 s, 10x scale factor, viewed from upper north-east side 
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Figure 4.158: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column A3 removal at 0.25 s, 10x scale factor, viewed from upper north-east side 
 
Figure 4.159: Interaction diagram for moment connections at east side of column D1 for column D1 
removal 
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Figure 4.160: Flange axial forces for moment connections at east side of column D1 for column D1 
removal 
 
Figure 4.161: Connection axial forces for moment connections at east side of column D1 for column 
D1 removal 
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Figure 4.162: Connection shear forces for moment connections at east side of column D1 for 
column D1 removal 
 
Figure 4.163: Interaction diagram for moment connections at east side of column E1 for column D1 
removal 
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Figure 4.164: Flange axial forces for moment connections at east side of column E1 for column D1 
removal 
 
Figure 4.165: Connection axial forces for moment connections at east side of column E1 for column 
D1 removal 
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Figure 4.166: Connection shear forces for moment connections at east side of column E1 for column 
D1 removal 
 
Figure 4.167: Connection flange bending moments for moment connections at east side of column 
E1 for column D1 removal 
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Figure 4.168: Interaction diagram for moment connections at west side of column E1 for column 
D1 removal 
 
Figure 4.169: Interaction diagram for moment connections at west side of column C1 for column 
D1 removal 
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Figure 4.170: Flange axial forces for moment connections at west side of column C1 for column D1 
removal 
 
Figure 4.171: Connection axial forces for moment connections at west side of column C1 for column 
D1 removal 
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Figure 4.172: Connection shear forces for moment connections at west side of column C1 for 
column D1 removal 
 
Figure 4.173: Connection flange bending moments for moment connections at west side of column 
C1 for column D1 removal 
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Figure 4.174: Connection axial forces for shear connections at east side of column C1 for column 
D1 removal 
 
Figure 4.175: Connection axial forces for shear connections at south side of column D1 for column 
D1 removal 
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Figure 4.176: Connection shear forces for shear connections at south side of column D1 for column 
D1 removal 
 
Figure 4.177: Connection axial forces for shear connections at north side of column D2 for column 
D1 removal 
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Figure 4.178: Connection shear forces for shear connections at north side of column D2 for column 
D1 removal 
 
Figure 4.179: Connection axial forces for south-west infill beam shear connections in panel 9 for 
column D1 removal 
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Figure 4.180: Connection shear forces for south-west infill beam shear connections in panel 9 for 
column D1 removal 
 
Figure 4.181: Connection axial forces for north-west infill beam shear connections in panel 9 for 
column D1 removal 
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Figure 4.182: Connection shear forces for north-west infill beam shear connections in panel 9 for 
column D1 removal 
 
Figure 4.183: Vertical displacement time-history for interior column removal 
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Figure 4.184: North-South lateral displacement time-history for interior column removal 
 
Figure 4.185: East-West lateral displacement time-history for interior column removal 
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Figure 4.186: Calculated gross connection rotations at removed and adjacent columns for interior 
column removal 
 
Figure 4.187: Deformed displacement contours (inches) for column B2 removal at 0.365 s, 5x scale 
factor, viewed from upper north-east side 
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Figure 4.188: Deformed framing for column B2 removal at 0.365 s with von Mises stress, (ksi), deck 
and slab hidden, 5x scale factor, viewed from north-east side 
 
Figure 4.189: Column vertical base reactions along column line A for loss of column B2 
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Figure 4.190: Column vertical base reactions along column line B for loss of column B2 
 
Figure 4.191: Column vertical base reactions along column line C for loss of column B2 
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Figure 4.192: Peak column base reaction ratios for column B2 loss (peak force/force due to static 
gravity load before column loss) 
 315 
 
 
Figure 4.193: Peak column base force increases for column B2 loss (peak force exceeding static 
gravity load before column loss) 
 316 
 
 
Figure 4.194: Column North-South lateral base reactions for loss of column B2 
 
Figure 4.195: Deformed steel deck layers with von Mises stress contours for column B2 removal at 
0.365 s, 5x scale factor, viewed from upper north-east side 
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Figure 4.196: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column B2 removal at 0.365 s, 5x scale factor, viewed from upper north-east side 
 
Figure 4.197: Connection axial forces for shear connections at east side of column B2 for column B2 
removal 
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Figure 4.198: Connection shear forces for shear connections at east side of column B2 for column 
B2 removal 
 
Figure 4.199: Connection axial forces for shear connections at east side of column C2 for column B2 
removal 
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Figure 4.200: Connection binding forces for shear connections at east side of column C2 for column 
B2 removal 
 
Figure 4.201: Connection shear forces for shear connections at east side of column C2 for column 
B2 removal 
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Figure 4.202: Connection axial forces for shear connections at west side of column A2 for column 
B2 removal 
 
Figure 4.203: Connection binding forces for shear connections at west side of column A2 for 
column B2 removal 
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Figure 4.204: Connection shear forces for shear connections at west side of column A2 for column 
B2 removal 
 
Figure 4.205: Connection axial forces for shear connections at north side of column B2 for column 
B2 removal 
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Figure 4.206: Connection shear forces for shear connections at north side of column B2 for column 
B2 removal 
 
Figure 4.207: Connection axial forces for shear connections at north side of column B3 for column 
B2 removal 
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Figure 4.208: Connection binding forces for shear connections at north side of column B3 for 
column B2 removal 
 
Figure 4.209: Connection shear forces for shear connections at north side of column B3 for column 
B2 removal 
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Figure 4.210: Connection axial forces for shear connections at south side of column B1 for column 
B2 removal 
 
Figure 4.211: Connection binding forces for shear connections at south side of column B1 for 
column B2 removal 
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Figure 4.212: Connection shear forces for shear connections at south side of column B1 for column 
B2 removal 
 
Figure 4.213: Connection axial forces for south-west infill beam shear connections in panel 1 for 
column B2 removal 
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Figure 4.214: Connection shear forces for south-west infill beam shear connections in panel 1 for 
column B2 removal 
 
Figure 4.215: Connection axial forces for south-west infill beam shear connections in panel 2 for 
column B2 removal 
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Figure 4.216: Connection binding forces for south-west infill beam shear connections in panel 2 for 
column B2 removal 
 
Figure 4.217: Connection shear forces for south-west infill beam shear connections in panel 2 for 
column B2 removal 
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Figure 4.218: Connection axial forces for north-west infill beam shear connections in panel 1 for 
column B2 removal 
 
Figure 4.219: Connection shear forces for north-west infill beam shear connections in panel 1 for 
column B2 removal 
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Figure 4.220: Deformed displacement contours (inches) for column B3 removal at 0.350 s, 5x scale 
factor, viewed from upper north-east side 
 
Figure 4.221: Deformed framing for column B3 removal at 0.350 s with von Mises stress, (ksi), deck 
and slab hidden, 5x scale factor, viewed from east side 
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Figure 4.222: Column vertical base reactions along column line A for loss of column B3 
 
Figure 4.223: Column vertical base reactions along column line B for loss of column B3 
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Figure 4.224: Column vertical base reactions along column line C for loss of column B3 
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Figure 4.225: Peak column base reaction ratios for column B3 loss (peak force/force due to static 
gravity load before column loss) 
 333 
 
 
Figure 4.226: Peak column base force increases for column B3 loss (peak force exceeding static 
gravity load before column loss) 
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Figure 4.227: Column North-South lateral base reactions along column line B for loss of column B3 
 
Figure 4.228: Deformed steel deck layers with von Mises stress contours for column B3 removal at 
0.350 s, 5x scale factor, viewed from upper north-east side 
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Figure 4.229: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column B3 removal at 0.350 s, 5x scale factor, viewed from upper north-east side 
 
Figure 4.230: Connection axial forces for shear connections at east side of column B3 for column B3 
removal 
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Figure 4.231: Connection shear forces for shear connections at east side of column B3 for column 
B3 removal 
 
Figure 4.232: Connection axial forces for shear connections at east side of column C3 for column B3 
removal 
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Figure 4.233: Connection binding forces for shear connections at east side of column C3 for column 
B3 removal 
 
Figure 4.234: Connection shear forces for shear connections at east side of column C3 for column 
B3 removal 
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Figure 4.235: Connection axial forces for shear connections at west side of column A3 for column 
B3 removal 
 
Figure 4.236: Connection binding forces for shear connections at west side of column A3 for 
column B3 removal 
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Figure 4.237: Connection shear forces for shear connections at west side of column A3 for column 
B3 removal 
 
Figure 4.238: Connection axial forces for shear connections at north side of column B3 for column 
B3 removal 
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Figure 4.239: Connection shear forces for shear connections at north side of column B3 for column 
B3 removal 
 
Figure 4.240: Connection axial forces for shear connections at north side of column B4 for column 
B3 removal 
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Figure 4.241: Connection binding forces for shear connections at north side of column B4 for 
column B3 removal 
 
Figure 4.242: Connection shear forces for shear connections at north side of column B3 for column 
B2 removal 
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Figure 4.243: Connection axial forces for shear connections at south side of column B2 for column 
B3 removal 
 
Figure 4.244: Connection binding forces for shear connections at south side of column B2 for 
column B3 removal 
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Figure 4.245: Connection shear forces for shear connections at south side of column B2 for column 
B3 removal 
 
Figure 4.246: Connection axial forces for south-west infill beam shear connections in panel 2 for 
column B3 removal 
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Figure 4.247: Connection shear forces for south-west infill beam shear connections in panel 2 for 
column B3 removal 
 
Figure 4.248: Connection axial forces for south-west infill beam shear connections in panel 3 for 
column B3 removal 
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Figure 4.249: Connection shear forces for south-west infill beam shear connections in panel 3 for 
column B3 removal 
 
Figure 4.250: Connection axial forces for north-west infill beam shear connections in panel 2 for 
column B3 removal 
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Figure 4.251: Connection shear forces for north-west infill beam shear connections in panel 2 for 
column B3 removal 
 
Figure 4.252: Deformed displacement contours (inches) for column C2 removal at 0.315 s, 5x scale 
factor, viewed from upper north-east side 
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Figure 4.253: Deformed framing for column C2 removal at 0.315 s with von Mises stress, (ksi), deck 
and slab hidden, 5x scale factor, viewed from north-east side 
 
Figure 4.254: Column vertical base reactions along column line B for loss of column C2 
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Figure 4.255: Column vertical base reactions along column line C for loss of column C2 
 
Figure 4.256: Column vertical base reactions along column line D for loss of column C2 
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Figure 4.257: Peak column base reaction ratios for column C2 loss (peak force/force due to static 
gravity load before column loss) 
 350 
 
 
Figure 4.258: Peak column base force increases for column C2 loss (peak force exceeding static 
gravity load before column loss) 
 351 
 
 
Figure 4.259: Column North-South lateral base reactions for loss of column C2 
 
Figure 4.260: Deformed steel deck layers with von Mises stress contours for column C2 removal at 
0.315 s, 5x scale factor, viewed from upper north-east side 
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Figure 4.261: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column C2 removal at 0.315 s, 5x scale factor, viewed from upper north-east side 
 
Figure 4.262: Connection axial forces for shear connections at west side of column C2 for column 
C2 removal 
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Figure 4.263: Connection shear forces for shear connections at west side of column C2 for column 
C2 removal 
 
Figure 4.264: Connection axial forces for shear connections at east side of column D2 for column 
C2 removal 
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Figure 4.265: Connection binding forces for shear connections at east side of column D2 for column 
C2 removal 
 
Figure 4.266: Connection shear forces for shear connections at east side of column D2 for column 
C2 removal 
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Figure 4.267: Connection axial forces for shear connections at west side of column B2 for column 
C2 removal 
 
Figure 4.268: Connection binding forces for shear connections at west side of column B2 for column 
C2 removal 
-140
-120
-100
-80
-60
-40
-20
0
20
40
60
0 0.5 1 1.5 2
A
xi
al
 F
o
rc
e
 (
k)
Time (s)
Connection Axial Force
Roof
Floor 3
Floor2 
Capacity
-60
-50
-40
-30
-20
-10
0
0 0.5 1 1.5 2
A
xi
al
 F
o
rc
e
 (
k)
Time (s)
Connection Binding Force
Top Flange_R
Bottom Flange_R
Top Flange_3
Bottom Flange_3
Top Flange_2
Bottom Flange_2
 356 
 
 
Figure 4.269: Connection shear forces for shear connections at west side of column B2 for column 
C2 removal 
 
Figure 4.270: Connection axial forces for shear connections at north side of column C2 for column 
C2 removal 
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Figure 4.271: Connection shear forces for shear connections at north side of column C2 for column 
C2 removal 
 
Figure 4.272: Connection axial forces for shear connections at north side of column C3 for column 
C2 removal 
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Figure 4.273: Connection binding forces for shear connections at north side of column C3 for 
column C2 removal 
 
Figure 4.274: Connection shear forces for shear connections at north side of column C3 for column 
C2 removal 
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Figure 4.275: Connection axial forces for shear connections at south side of column C1 for column 
C2 removal 
 
Figure 4.276: Connection binding forces for shear connections at south side of column C1 for 
column C2 removal 
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Figure 4.277: Connection shear forces for shear connections at south side of column C1 for column 
C2 removal 
 
Figure 4.278: Connection axial forces for north-west infill beam shear connections in panel 6 for 
column C2 removal 
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Figure 4.279: Connection shear forces for north-west infill beam shear connections in panel 6 for 
column C2 removal 
 
Figure 4.280: Connection axial forces for south-west infill beam shear connections in panel 6 for 
column C2 removal 
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Figure 4.281: Connection shear forces for south-west infill beam shear connections in panel 6 for 
column C2 removal 
 
Figure 4.282: Connection axial forces for north-west infill beam shear connections in panel 5 for 
column C2 removal 
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Figure 4.283: Connection shear forces for north-west infill beam shear connections in panel 5 for 
column C2 removal 
 
Figure 4.284: Deformed displacement contours (inches) for column C3 removal at 0.330 s, 5x scale 
factor, viewed from upper north-east side 
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Figure 4.285: Deformed framing for column C3 removal at 0.330 s with von Mises stress, (ksi), deck 
and slab hidden, 5x scale factor, viewed from north-east side 
 
Figure 4.286: Column vertical base reactions along column line B for loss of column C3 
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Figure 4.287: Column vertical base reactions along column line C for loss of column C3 
 
Figure 4.288: Column vertical base reactions along column line D for loss of column C3 
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Figure 4.289: Peak column base reaction ratios for column C3 loss (peak force/force due to static 
gravity load before column loss) 
 367 
 
 
Figure 4.290: Peak column base force increases for column C3 loss (peak force exceeding static 
gravity load before column loss) 
 368 
 
 
Figure 4.291: Column North-South lateral base reactions for loss of column C3 
 
Figure 4.292: Deformed steel deck layers with von Mises stress contours for column C3 removal at 
0.330 s, 5x scale factor, viewed from upper north-east side 
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Figure 4.293: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column C3 removal at 0.330 s, 5x scale factor, viewed from upper north-east side 
 
Figure 4.294: Connection axial forces for shear connections at west side of column C3 for column 
C3 removal 
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Figure 4.295: Connection shear forces for shear connections at west side of column C3 for column 
C3 removal 
 
Figure 4.296: Connection axial forces for shear connections at east side of column D3 for column 
C3 removal 
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Figure 4.297: Connection binding forces for shear connections at east side of column D3 for column 
C3 removal 
 
Figure 4.298: Connection shear forces for shear connections at east side of column D3 for column 
C3 removal 
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Figure 4.299: Connection axial forces for shear connections at west side of column B3 for column 
C3 removal 
 
Figure 4.300: Connection binding forces for shear connections at west side of column B3 for column 
C3 removal 
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Figure 4.301: Connection shear forces for shear connections at west side of column B3 for column 
C3 removal 
 
Figure 4.302: Connection axial forces for shear connections at north side of column C3 for column 
C3 removal 
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Figure 4.303: Connection shear forces for shear connections at north side of column C3 for column 
C3 removal 
 
Figure 4.304: Connection axial forces for shear connections at north side of column C4 for column 
C3 removal 
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Figure 4.305: Connection binding forces for shear connections at north side of column C4 for 
column C3 removal 
 
Figure 4.306: Connection shear forces for shear connections at north side of column C4 for column 
C3 removal 
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Figure 4.307: Connection axial forces for shear connections at south side of column C2 for column 
C3 removal 
 
Figure 4.308: Connection binding forces for shear connections at south side of column C2 for 
column C3 removal 
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Figure 4.309: Connection shear forces for shear connections at south side of column C2 for column 
C3 removal 
 
Figure 4.310: Connection axial forces for south-west infill beam shear connections in panel 6 for 
column C3 removal 
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Figure 4.311: Connection shear forces for south-west infill beam shear connections in panel 6 for 
column C3 removal 
 
Figure 4.312: Connection axial forces for south-west infill beam shear connections in panel 7 for 
column C3 removal 
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Figure 4.313: Connection shear forces for south-west infill beam shear connections in panel 6 for 
column C3 removal 
 
Figure 4.314: Connection axial forces for north-west infill beam shear connections in panel 6 for 
column C3 removal 
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Figure 4.315: Connection shear forces for north-west infill beam shear connections in panel 6 for 
column C3 removal 
 
Figure 4.316: Vertical displacement time-history for column removal of the ten-story building 
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Figure 4.317: North-South lateral time-history for column removal of the ten-story building 
 
Figure 4.318: East-West lateral time-history for column removal of the ten-story building 
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Figure 4.319: Calculated gross connection rotations at removed and adjacent columns for column 
removal in the ten-story building 
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Figure 4.320: Deformed displacement contours (inches) for column A1 removal at 0.125 s, 50x scale 
factor, viewed from upper north-east side 
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Figure 4.321: Deformed framing for column A1 removal at 0.125 s with von Mises stress, (ksi), deck 
and slab hidden, 50x scale factor, viewed from north side 
 385 
 
 
Figure 4.322: Deformed framing for column A1 removal at 0.125 s with von Mises stress, (ksi), deck 
and slab hidden, 40x scale factor, viewed from east side 
 386 
 
 
Figure 4.323: Column vertical base reactions for the loss of column A1 
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Figure 4.324: Peak column base reaction ratios for column A1 loss (peak force/force due to static 
gravity load before column loss) 
 388 
 
 
Figure 4.325: Peak column base force increases for column A1 loss (peak force exceeding static 
gravity load before column loss) 
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Figure 4.326: Column North-South lateral base reactions for loss of column A1 
 
Figure 4.327: Column East-West lateral base reactions for loss of column A1 
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Figure 4.328: Deformed steel deck layers with von Mises stress contours for column A1 removal at 
0.125 s, 50x scale factor, viewed from upper north-east side 
 391 
 
 
Figure 4.329: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column A1 removal at 0.125 s, 40x scale factor, viewed from upper north-east side 
 392 
 
 
Figure 4.330: Interaction diagram for moment connections at east side of column B1 for column A1 
removal 
 
Figure 4.331: Flange axial forces for moment connections at east side of column B1 for column A1 
removal 
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Figure 4.332: Connection axial forces for moment connections at east side of column B1 for column 
A1 removal 
 
Figure 4.333: Connection shear forces for moment connections at east side of column B1 for column 
A1 removal 
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Figure 4.334: Connection flange bending moments for moment connections at east side of column 
B1 for column A1 removal 
 
Figure 4.335: Interaction diagram for moment connections at west side of column B1 for column 
A1 removal 
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Figure 4.336: Interaction diagram for moment connections at west side of column A1 for column 
A1 removal 
 
Figure 4.337: Flange axial forces for moment connections at west side of column A1 for column A1 
removal 
0
500
1000
1500
2000
2500
0 500 1000 1500 2000 2500
A
xi
al
 F
o
rc
e
, 
P
 (
k)
Moment, M (k-ft)
Axial Force Moment Interaction
Roof
Floor 9
Floor 8
Floor 7
Floor 6
Floor 5
Floor 4
Floor 3
Floor 2
Floor G
W24x76 Interaction
W27x94 Interaction
W30x99 Interaction
W30x108 Interaction
W30x116 Interaction
W33x118 Interaction
W36x135 Interaction
-600
-400
-200
0
200
400
600
0 0.5 1 1.5 2
A
xi
al
 F
o
rc
e
 (
k)
Time (s)
Flange Axial Forces
Top Flange_R
Bottom Flange_R
Top Flange_9
Bottom Flange_9
Top Flange_8
Bottom Flange_8
Top Flange_7
Bottom Flange_7
Top Flange_6
Bottom Flange_6
Top Flange_5
Bottom Flange_5
Top Flange_4
Bottom Flange_4
Top Flange_3
Bottom Flange_3
Top Flange_2
Bottom Flange_2
Top Flange_G
Bottom Flange_G
W24x76 Yield
W27x94 Yield
W30x99 Yield
W30x108 Yield
W30x116 Yield
 396 
 
 
Figure 4.338: Connection axial forces for moment connections at west side of column A1 for column 
A1 removal 
 
Figure 4.339: Connection shear forces for moment connections at west side of column A1 for 
column A1 removal 
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Figure 4.340: Interaction diagram for moment connections at north side of column A2 for column 
A1 removal 
 
Figure 4.341: Flange axial forces for moment connections at north side of column A2 for column A1 
removal 
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Figure 4.342: Connection axial forces for moment connections at north side of column A2 for 
column A1 removal 
 
Figure 4.343: Connection shear forces for moment connections at north side of column A2 for 
column A1 removal 
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Figure 4.344: Connection flange bending moments for moment connections at north side of column 
A2 for column A1 removal 
 
Figure 4.345: Interaction diagram for moment connections at south side of column A2 for column 
A1 removal 
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Figure 4.346: Connection axial forces for shear connections at south side of column A1 for column 
A1 removal 
 
Figure 4.347: Connection shear forces for shear connections at south side of column A1 for column 
A1 removal 
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Figure 4.348: Connection axial forces for north-west infill beam shear connections in panel 1 for 
column A1 removal 
 
Figure 4.349: Connection shear forces for north-west infill beam shear connections in panel 1 for 
column A1 removal 
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Figure 4.350: Axial forces in column A1 splices for column A1 removal 
 
Figure 4.351: Strong axis shear forces in column A1 splices for column A1 removal 
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Figure 4.352: Strong axis moments in column A1 splices for column A1 removal 
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Figure 4.353: Deformed displacement contours (inches) for column B1 removal at 0.125 s, 50x scale 
factor, viewed from upper north-east side 
 405 
 
 
Figure 4.354: Deformed framing for column B1 removal at 0.125 s with von Mises stress, (ksi), deck 
and slab hidden, 50x scale factor, viewed from north side 
 406 
 
 
Figure 4.355: Column vertical base reactions along column line 1 for loss of column B1 
 
Figure 4.356: Column vertical base reactions along column line 2 for loss of column B1 
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Figure 4.357: Peak column base reaction ratios for column B1 loss (peak force/force due to static 
gravity load before column loss) 
 408 
 
 
Figure 4.358: Peak column base force increases for column B1 loss (peak force exceeding static 
gravity load before column loss) 
 409 
 
 
Figure 4.359: Column North-South lateral base reactions for loss of column B1 
 
Figure 4.360: Column East-West lateral base reactions for loss of column B1 
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Figure 4.361: Deformed steel deck layers with von Mises stress contours for column B1 removal at 
0.125 s, 50x scale factor, viewed from upper north-east side 
 411 
 
 
Figure 4.362: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column B1 removal at 0.125 s, 50x scale factor, viewed from upper north-east side 
 412 
 
 
Figure 4.363: Interaction diagram for moment connections at east side of column B1 for column B1 
removal 
 
Figure 4.364: Flange axial forces for moment connections at east side of column B1 for column B1 
removal 
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Figure 4.365: Connection axial forces for moment connections at east side of column B1 for column 
B1 removal 
 
Figure 4.366: Connection shear forces for moment connections at east side of column B1 for column 
A1 removal 
-100
-50
0
50
100
150
200
250
300
350
400
0 0.5 1 1.5 2
A
xi
al
 F
o
rc
e
 (
k)
Time (s)
Connection Axial Force
Roof
Floor 9
Floor 8
Floor 7
Floor 6
Floor 5
Floor 4
Floor 3
Floor 2
Floor G
-100
-50
0
50
100
150
200
250
300
350
0 0.5 1 1.5 2
Sh
e
ar
 F
o
rc
e
 (
k)
Time (s)
Connection Shear Force Roof
Floor 9
Floor 8
Floor 7
Floor 6
Floor 5
Floor 4
Floor 3
Floor 2
Floor G
5-Bolt Capacity
6-Bolt Capacity
7-Bolt Capacity
8-Bolt Capacity
9-Bolt Capacity
11-Bolt Capacity
 414 
 
 
Figure 4.367: Interaction diagram for moment connections at east side of column C1 for column B1 
removal 
 
Figure 4.368: Flange axial forces for moment connections at east side of column C1 for column B1 
removal 
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Figure 4.369: Connection axial forces for moment connections at east side of column C1 for column 
B1 removal 
 
Figure 4.370: Connection shear forces for moment connections at east side of column C1 for 
column B1 removal 
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Figure 4.371: Connection flange bending moments for moment connections at east side of column 
C1 for column B1 removal 
 
Figure 4.372: Interaction diagram for moment connections at west side of column C1 for column 
B1 removal 
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Figure 4.373: Interaction diagram for moment connections at west side of column A1 for column 
B1 removal 
 
Figure 4.374: Flange axial forces for moment connections at west side of column A1 for column B1 
removal 
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Figure 4.375: Connection axial forces for moment connections at west side of column A1 for column 
B1 removal 
 
Figure 4.376: Connection shear forces for moment connections at west side of column A1 for 
column B1 removal 
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Figure 4.377: Connection flange bending moments for moment connections at west side of column 
A1 for column B1 removal 
 
Figure 4.378: Connection axial forces for shear connections at south side of column B1 for column 
B1 removal 
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Figure 4.379: Connection shear forces for shear connections at south side of column B1 for column 
B1 removal 
 
Figure 4.380: Connection axial forces for shear connections at north side of column B2 for column 
B1 removal 
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Figure 4.381: Connection shear forces for shear connections at north side of column B2 for column 
B1 removal 
 
Figure 4.382: Connection axial forces for north-west infill beam shear connections in panel 1 for 
column B1 removal 
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Figure 4.383: Connection shear forces for north-west infill beam shear connections in panel 1 for 
column B1 removal 
 
Figure 4.384: Connection axial forces for north-west infill beam shear connections in panel 6 for 
column B1 removal 
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Figure 4.385: Connection shear forces for north-west infill beam shear connections in panel 6 for 
column B1 removal 
 
Figure 4.386: Axial forces in column B1 splices for column B1 removal 
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Figure 4.387: Strong axis shear forces in column B1 splices for column B1 removal 
 
Figure 4.388: Strong axis moments in column B1 splices for column B1 removal 
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Figure 4.389: Deformed displacement contours (inches) for column A2 removal at 0.145 s, 50x scale 
factor, viewed from upper north-east side 
 426 
 
 
Figure 4.390: Deformed framing for column A2 removal at 0.145 s with von Mises stress, (ksi), deck 
and slab hidden, 50x scale factor, viewed from east side 
 427 
 
 
Figure 4.391: Column vertical base reactions along column line A for loss of column A2 
 
Figure 4.392: Column vertical base reactions along column line B for loss of column A2 
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Figure 4.393: Peak column base reaction ratios for column A2 loss (peak force/force due to static 
gravity load before column loss) 
 429 
 
 
Figure 4.394: Peak column base force increases for column A2 loss (peak force exceeding static 
gravity load before column loss) 
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Figure 4.395: Column North-South lateral base reactions for loss of column A2 
 
Figure 4.396: Column East-West lateral base reactions for loss of column A2 
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Figure 4.397: Deformed steel deck layers with von Mises stress contours for column A2 removal at 
0.145 s, 50x scale factor, viewed from upper north-east side 
 432 
 
 
Figure 4.398: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column A2 removal at 0.145 s, 50x scale factor, viewed from upper north-east side 
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Figure 4.399: Interaction diagram for moment connections at north side of column A2 for column 
A2 removal 
 
Figure 4.400: Flange axial forces for moment connections at north side of column A2 for column A2 
removal 
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Figure 4.401: Connection axial forces for moment connections at north side of column A2 for 
column A2 removal 
 
Figure 4.402: Connection shear forces for moment connections at north side of column A2 for 
column A2 removal 
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Figure 4.403: Connection shear forces for moment connections at south side of column A2 for 
column A2 removal 
 
Figure 4.404: Interaction diagram for moment connections at north side of column A3 for column 
A2 removal 
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Figure 4.405: Flange axial forces for moment connections at north side of column A3 for column A2 
removal 
 
Figure 4.406: Connection axial forces for moment connections at north side of column A3 for 
column A2 removal 
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Figure 4.407: Connection shear forces for moment connections at north side of column A3 for 
column A2 removal 
 
Figure 4.408: Connection flange bending moments for moment connections at north side of column 
A3 for column A2 removal 
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Figure 4.409: Interaction diagram for moment connections at south side of column A3 for column 
A2 removal 
 
Figure 4.410: Connection axial forces for shear connections at south side of column A1 for column 
A2 removal 
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Figure 4.411: Connection shear forces for shear connections at south side of column A1 for column 
A2 removal 
 
Figure 4.412: Connection axial forces for shear connections at west side of column A2 for column 
A2 removal 
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Figure 4.413: Connection shear forces for shear connections at west side of column A2 for column 
A2 removal 
 
Figure 4.414: Connection axial forces for shear connections at east side of column B2 for column A2 
removal 
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Figure 4.415: Connection shear forces for shear connections at east side of column B2 for column 
A2 removal 
 
Figure 4.416: Connection axial forces for south-west infill beam shear connections in panel 1 for 
column A2 removal 
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Figure 4.417: Connection shear forces for south-west infill beam shear connections in panel 1 for 
column A2 removal 
 
Figure 4.418: Connection axial forces for south-east infill beam shear connections in panel 1 for 
column A2 removal 
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Figure 4.419: Connection shear forces for south-east infill beam shear connections in panel 1 for 
column A2 removal 
 
Figure 4.420: Deformed framing for column A2 removal showing web stress, floor 2 at 0.145 s with 
von Mises stress, (ksi), deck and slab hidden, 50x scale factor, viewed from north-east side 
-10
0
10
20
30
40
50
60
0 0.5 1 1.5 2
Sh
e
ar
 F
o
rc
e
 (
k)
Time (s)
Connection Shear Force
Roof
Floor 9
Floor 8
Floor 7
Floor 6
Floor 5
Floor 4
Floor 3
Floor 2
Floor G
3 Bolt Capacity
 444 
 
 
Figure 4.421: Axial forces in column A2 splices for column A2 removal 
 
Figure 4.422: Strong axis shear forces in column A2 splices for column A2 removal 
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Figure 4.423: Strong axis moments in column A2 splices for column A2 removal 
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Figure 4.424: Deformed displacement contours (inches) for column B2 removal at 0.325 s, 5x scale 
factor, viewed from upper north-east side 
 447 
 
 
Figure 4.425: Deformed framing for column B2 removal at 0.325 s with von Mises stress, (ksi), deck 
and slab hidden, 5x scale factor, viewed from north-east side 
 448 
 
 
Figure 4.426: Column vertical base reactions along column line A for loss of column B2 
 
Figure 4.427: Column vertical base reactions along column line B for loss of column B2 
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Figure 4.428: Column vertical base reactions along column line C for loss of column B2 
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Figure 4.429: Peak column base reaction ratios for column B2 loss (peak force/force due to static 
gravity load before column loss) 
 451 
 
 
Figure 4.430: Peak column base force increases for column B2 loss (peak force exceeding static 
gravity load before column loss) 
 452 
 
 
Figure 4.431: Column North-South lateral base reactions for loss of column B2 
 
Figure 4.432: Column East-West lateral base reactions for loss of column B2 
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Figure 4.433: Deformed steel deck layers with von Mises stress contours for column B2 removal at 
0.325 s, 5x scale factor, viewed from upper north-east side 
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Figure 4.434: Deformed concrete slab layers with principle compressive stress contours at the top 
surface for column B2 removal at 0.325 s, 5x scale factor, viewed from upper north-east side 
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Figure 4.435: Connection axial forces for shear connections at north side of column B2 for column 
B2 removal 
 
Figure 4.436: Connection shear forces for shear connections at north side of column B2 for column 
B2 removal 
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Figure 4.437: Connection axial forces for shear connections at north side of column B3 for column 
B2 removal 
 
Figure 4.438: Connection binding forces for shear connections at north side of column B3 for 
column B2 removal 
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Figure 4.439: Connection shear forces for shear connections at north side of column B3 for column 
B2 removal 
 
Figure 4.440: Connection axial forces for shear connections at south side of column B1 for column 
B2 removal 
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Figure 4.441: Connection binding forces for shear connections at south side of column B1 for 
column B2 removal 
 
Figure 4.442: Connection shear forces for shear connections at south side of column B1 for column 
B2 removal 
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Figure 4.443: Connection axial forces for shear connections at east side of column B2 for column B2 
removal 
 
Figure 4.444: Connection shear forces for shear connections at east side of column B2 for column 
B2 removal 
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Figure 4.445: Connection axial forces for shear connections at west side of column C2 for column 
B2 removal 
 
Figure 4.446: Connection binding forces for shear connections at west side of column C2 for 
column B2 removal 
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Figure 4.447: Connection shear forces for shear connections at west side of column C2 for column 
B2 removal 
 
Figure 4.448: Connection axial forces for shear connections at west side of column A2 for column 
B2 removal 
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Figure 4.449: Connection binding forces for shear connections at west side of column A2 for 
column B2 removal 
 
Figure 4.450: Connection shear forces for shear connections at west side of column A2 for column 
B2 removal 
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Figure 4.451: Connection axial forces for south-west infill beam shear connections in panel 1 for 
column B2 removal 
 
Figure 4.452: Connection shear forces for south-west infill beam shear connections in panel 1 for 
column B2 removal 
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Figure 4.453: Connection axial forces for south-west infill beam shear connections in panel 6 for 
column B2 removal 
 
Figure 4.454: Connection shear forces for south-west infill beam shear connections in panel 6 for 
column B2 removal 
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Figure 4.455: Connection axial forces for south-east infill beam shear connections in panel 1 for 
column B2 removal 
 
Figure 4.456: Connection shear forces for south-east infill beam shear connections in panel 1 for 
column B2 removal 
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Figure 4.457: Axial forces in column B2 splices for column B2 removal 
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CHAPTER 5 - SYNTHESIS OF ANALYSIS RESULTS AND BEHAVIOR 
TRENDS 
5.1 INTRODUCTION 
In this chapter, the results from Chapter 4 are presented and discussed in a more general 
format that applies to low and mid-rise steel moment-framed buildings, rather than a specific 
column-by-column approach.  Topics such as general load-redistribution mechanisms and 
patterns, steel deck and concrete slab performance, connection demands as well as trends related 
to structural layout and building geometry are addressed. 
Although a total of sixteen individual column-loss scenarios were analyzed (twelve for 
the three-story building and four for the ten-story building), they are not all discussed with the 
same level of detail in this chapter.  The response for columns A3 and A4 in the three-story 
building were so similar (as described in Chapter 4) that the case for column A4 is often omitted.  
The loss of columns at two locations in the three-story building led to collapse (columns A1 and 
B1), so these are generally omitted unless a discussion of their collapse is helpful.  The 
remaining cases are often grouped by column location (corner, perimeter, and interior) and for 
the two buildings so that useful generalizations may be made. 
5.2 LOAD REDISTRIBUTION 
The critical factor in determining whether a steel-framed building can withstand the loss 
of a supporting column without collapse (local or global) is its ability to redistribute load away 
from the failed column.  If alternate load paths of sufficient capacity are available, then the load 
no longer carried by the lost column is redistributed to other members in the structure and no 
collapse will result.  In a dynamic column loss event, the load that must be carried by 
surrounding members is greater than the load determined statically based on the tributary area of 
the lost column due to inertial effects.  Thus, the load redistribution behavior provides an 
indicator of the overall robustness of the structure. 
Examining load redistribution mechanisms and patterns not only provides insight into the 
specific performance and behavior observed in the column-loss analyses conducted in this 
research, but can be extended and used to make general assessments of structural systems and 
their ability to resist collapse following the loss of a ground-level supporting column. 
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5.2.1 Load Redistribution Mechanisms 
The dominant load redistribution mechanism in nearly all column-loss scenarios was 
composite action.  Catenary action (where tensile tying forces create a suspension-type 
mechanism) was found to occur only in rare instances at edges of the buildings where composite 
action could not be mobilized.  Positive and negative-bending composite action were developed 
during column loss, but positive-bending action was more significant.  This composite action in 
both bending directions was the only load-redistribution mechanism mobilized through simple 
shear connections, but it was also significant in moment connections as well, particularly in 
positive bending.  For the cases of corner column loss, composite action was mobilized, but 
moment capacity within the moment connections was the dominant load-transfer mechanism.   
For the purpose of making broad comparisons in this chapter, approximate composite 
moments were calculated by multiplying the peak axial forces in the framing connections about a 
lever arm between the centroid of the connection and the assumed centroid of the force in the 
slab and deck system.  For positive bending, the compressive force was assumed to act at the 
centroid of the concrete region above the steel deck flutes.  For negative bending, the tension 
force was assumed to act at the centroid of the fluted steel deck.  In moment connections the net 
connection axial force was assumed to act at the centroid of the beam, while in shear connections 
it was assumed to act at the centroid of the bolt group.  This assumed geometry is illustrated in 
Figure 5.1 and Figure 5.2 for moment and shear connections, respectively.  These composite 
moments were then normalized for by the plastic moment (using 1.1Fy) of the associated beam 
section to give a non-dimensional ―composite moment index.‖  The moment indices were 
calculated independently for connections at each floor and then averaged over the height of the 
building.  This approximate method of determining the composite moment was chosen to assess 
the significance of composite action in the load-redistribution behavior of the structures during 
column loss. 
Since results from many different column locations were grouped together, a generalized 
identification system was used to describe the location of specific connections relative to the lost 
column.  The terminology was slightly different for perimeter, interior, and corner column-loss 
scenarios.  Examples of the naming system are illustrated in Figure 5.3, Figure 5.4, Figure 5.5, 
and Figure 5.6 for the various column locations. 
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In perimeter column-loss cases, the lost column had continuous framing on two opposing 
sides.  As the column displaced downwards, positive-bending composite moments developed 
with the concrete slab providing compressive capacity and the framing connections providing 
tensile capacity through the column to the beams or girders on each side.  This allowed the two 
adjacent spans to act as a single span of double the original lengths bridging over the failed 
column.  At the center, large positive-bending composite moments could develop, as shown in 
Figure 5.7.  In the three-story building, the composite moments indices are approximately 0.8 for 
the cases with full moment continuity through the lost column, but only about 0.15 for the two 
with shear connections on one side of the lost column.  This was attributed to the limitation on 
tensile connection strength in the latter case.  The indices were smaller for the ten-story building 
despite full moment connectivity due to much larger moment sections which had greater plastic 
moment capacity.  Positive-bending composite moments also developed for the other 
connections subjected to positive rotations, as Figure 5.7 illustrates, but these were limited in 
comparison to those through the lost column in the perimeter frame.  This was due to the lack of 
continuity in the perpendicular framing from the perimeter frame and the smaller axial stiffness 
(in comparison to the moment connections in the perimeter frame) of the panel infill beams.  
Furthermore, as the infill beams were not connected directly to the lost column, the displacement 
and rotation demands were less (approximately 2/3 and 1/3 the displacement and rotation 
magnitudes of beams connected to the column itself), and the composite action developed was 
accordingly less.  The lever arm between the couple forces was also smaller for the shear-
connected framing, further reducing the composite moment capacity.  The only location where 
shear connections exceeded a composite moment index of 0.10 was the nearest panel infill 
beams for the column-loss cases in the three-story building where the infill framing was in the 
favorable parallel orientation to the perimeter frame. 
At the outer edges of the beams in the compromised double-length span, negative 
rotations mobilized negative-bending composite moments.  With limited axial tensile capacity in 
the steel slab reinforcement and steel deck, these moment indices were smaller than for the 
connections in positive bending, but still noteworthy, as Figure 5.8 shows.  Again, the composite 
moment indices were highest in the perimeter frame due to the axial stiffness and larger lever 
arm of the moment connections.  The negative composite moment indices in the surrounding 
shear-connected framing were generally higher than the positive-bending indices, however, due 
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to more complete continuity, particularly in the perpendicular framing, as the negative-bending 
connections were located at the interior of the building where the positive-bending connections 
were at the edge of the building.  This allowed those in negative bending to develop more axial 
force in the connection.  Although negative moments can be affected by bottom flange binding, 
for more straightforward comparison, this behavior was neglected when calculating the 
composite moment indices. 
Similar composite-moment behavior was seen in the interior column-loss cases.  Figure 
5.9 shows the positive-bending composite moment indices, which were very consistent for each 
connection.  The interior girders carried the largest composite moments, but the smaller section 
size of the infill framing resulted in higher moment indices for the latter members. 
The negative-bending composite moments that developed in the interior column-loss 
cases were also significant, as Figure 5.10 illustrates.  The relative magnitudes of the composite 
moment indices were similar to those for the positive-bending connection, with the consistent 
mobilization of each of the various members.  The indices were smaller than for the positive-
bending connection locations, however, averaging about 0.11 instead of 0.16, as in the former 
case. 
For the two corner column-loss scenarios which arrested collapse, composite-moment 
capacity was still mobilized, but it was essentially negligible, with composite moment indices 
averaging about 0.02 as Figure 5.11 shows.  Although positive connection rotations occurred at 
the lost corner column, continuity of framing was not available on the opposing side, which 
significantly limited the composite moment capacity. 
With continuity through the connections, the negative-bending composite moments 
developed for the corner column-loss cases were more significant than those for positive-
bending.  This allowed composite action to contribute to the cantilever support mechanism that 
resisted collapse.  The composite moment indices for these connections are given in Figure 5.11.  
In the perimeter framing, moment connections averaged a composite moment index of 0.3, with 
the shear connections averaging about 0.15.  The infill framing developed more limited capacity, 
reaching an average composite moment index of about 0.05. 
Although composite action was a significant load-redistribution mechanism, moment 
capacity in moment-connected beams was also important.  The connection moment indices for 
moment connections at and opposite the lost column are shown in Figure 5.12 for the perimeter 
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column loss cases.  It shows that the negative moments were typically higher at the outside edge 
of the compromised panels than positive moments at the center column.  The perimeter column-
loss cases which arrested collapse had moment connections on at least one side of the lost 
column and the far end of the associated moment beams had moment continuity through the 
column for at least one side.  This resulted in lower values at the North or East end in all cases, 
where the moment connections framed into either the corner column or a column with only shear 
connections on the opposite side (see Figure 5.3 and Figure 5.4 for an explanation of connection 
locations).  Where moment continuity existed through the supporting column, the negative 
moments were much higher, as those for the South and West location in Figure 5.12 show. 
The moment connection behavior was similar for the two corner column-loss cases, as 
illustrated in Figure 5.13.  The moment indices were higher in the for the three-story building 
due to the smaller beam sections when compared to the ten-story structure. 
Since both composite moment capacity and moment frame moment capacity were found 
to be significant, acting together to redistribute loads following the loss of a supporting ground-
level column, it is useful to compare the relative importance of each.  This is visualized in Figure 
5.14 which gives the ratio of moment in the moment connection to calculated composite moment 
at the same connection location.  For moment connections without moment continuity (such as 
all North and East connections as well as the lost-column connections for three-story cases A2 
and C1), the moment contribution was much more significant, supplying 4.8 to 20.8 times as 
much moment capacity as composite action.  This was a result of the reduced axial stiffness and 
strength of the opposing bolted shear connections, which severely limited the composite moment 
capacity.  When moment connections were present on both sides of the column location of 
interest, the composite action contribution was much higher.  At the lost column in the three-
story building, the positive-bending moments due to composite action were larger than the 
moment connection moments (with ratios less than one).  In the ten-story building, the moment-
connection moments were slightly larger (with ratios of 1.2) due to the deeper beam sections 
used.  At the far supporting column (away from the lost column) with moment connections on 
both sides, the moment connection moment was always larger than the composite moments, due 
to the limited negative-bending composite action.  Composite action was still important, 
however, as the moment connection-moment-to-composite-moment ratios were all below 3.5 and 
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those for the three-story building (with shallower, more flexible moment beams) were even 
lower at 2.5 to 2.6. 
The relative contribution of moment connections and composite action were similar for 
the both the three and ten-story buildings during corner column loss.  In both cases, much more 
capacity was provided by the moment connections than composite action, particularly at the 
connections to the corner column in positive bending.  This is shown in Figure 5.15 where the 
connection moments were nearly 20 times the composite moments, due to the limited composite 
action available at the corners of the structures.  The negative-bending composite action was 
important, however, as the moment connection moment was only 2-3 times that of the composite 
moments. 
Although composite action was a significant load-redistribution mechanism, moment 
connection capacity generally provided more resistance when present, especially in negative 
bending.  The only case where composite moment capacity exceeded that of the moment framing 
alone was in positive bending at the center of a compromised double-length span with moment 
framing across both bays.  For members with shear connections in the compromised zones, 
however, composite action provided an adequate means of redistributing load away from a failed 
column into intact adjacent members.  This was particularly significant for interior column-loss 
scenarios, where no moment connections were available and composite action through simple 
shear connections was the only available mechanism.  The interior column-loss cases benefitted 
from double-length span composite capacity in two orthogonal directions in the plane of the 
floor.  In many cases, infill beams within framing panels also developed this double-length span 
composite action.  As the column-loss scenario for column B1 illustrated, however, the shear 
connections did not have adequate axial capacity to mobilize sufficient composite action when 
only one full double-length span condition was available.  For the cases with gravity bays on one 
or more sides of the lost column, the low axial stiffness of the shear connections required 
significantly larger displacements to fully mobilize load-redistribution than the cases involving 
moment frames. 
Catenary action was observed in several isolated cases.  One such example was the shear 
connections to the corner column in column A2 loss for the three-story building.  While the axial 
forces in connections to the far end of a beam attached to the lost column were almost always 
negative in other cases (due to negative rotations causing negative composite moments), the lack 
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of continuity of the steel deck at the edge of the building prevented this from occurring.  As 
Figure 4.65 shows, the axial forces were tensile following column loss.  In the similar case for 
the ten-story building (column A2 loss), the shear connections to the corner column developed 
the typical compressive forces, which are shown in Figure 4.410.  The lack of catenary action 
development may have been a result of the stiffer connections to the corner column, but was 
most likely due to the presence of moment connections on both sides of the failed column (where 
the three-story building had moment connections on only one side).  This prevented the large 
displacements at the lost column which are necessary to mobilize catenary action, as the peak 
displacement was 24.0 inches for the three-story building and only 2.1 inches for the ten-story 
building. 
5.2.2 Load Redistribution Patterns 
The pattern of load redistribution varied considerably depending on the location of the 
lost column and the structure surrounding it.  The largest loads were transferred to the adjacent 
columns directly connected to the lost column with framing members, while the outlying 
columns in the corners of the compromised panels saw much smaller loads.  This pattern was 
consistent for perimeter, interior, and corner column loss scenarios.  The load redistributed to 
adjacent columns varied as a function of the stiffness of the associated connections.  For 
instance, columns with beams attached by moment connections saw higher loads than those 
connected only with shear connections.  This was consistent with the large mobilized moments 
observed in affected moment connections in the previous section. 
The load-redistribution patterns were studied using a similar generalized location 
identification system as for the connections in the previous section.  Figure 5.3 through Figure 
5.6 may be reviewed for an explanation of the relative column locations. 
In perimeter column loss scenarios, the largest forces were transferred into the two 
adjacent columns in the perimeter framing.  Figure 5.16 illustrates this with the peak base 
reaction in each nearby column (normalized by the static gravity force in the lost column prior to 
column loss).  The load transferred to the south or west columns was greater than that to the 
north or east columns due to the full moment continuity present through the former columns.  
Similarly, the load ratios in the north and east columns for column A2 and C1 loss scenarios 
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were lower than the others as these columns were attached to the lost column with weaker and 
more flexible shear-connected framing rather than full moment framing.   
In perimeter column-loss scenarios, the loads transferred into an interior column adjacent 
to a lost column was less than to perimeter columns since interior columns were always 
connected with shear framing.  Cases where the lost column was connected with interior girders 
(in column line A for the three-story and column line 1 for the ten-story building) had less load 
redistributed into them than those connected with infill framing.  This is counter-intuitive as the 
girders featured stiffer, stronger connections.  This anomaly is attributed to panel infill beams 
spanning across the compromised bays and carrying load away from the affected girders into 
girders at the edges of the compromised panels.  Slab two-way action also contributes to this 
phenomenon. 
For perimeter column-loss scenarios, the two columns in the corners of the compromised 
panels also saw increased loads, although they were relatively small.  These loads were, 
however, larger than the increased loads due to dynamic effects alone at farther outlying 
columns, suggesting that infill beams in the compromised panels and slab two-way action was 
responsible for distributing load into these corner columns. 
The surrounding columns for the five interior column-loss scenarios saw more consistent 
forces increases, primarily due to the consistent type of framing connections (i.e. all were simple 
shear connections).  This behavior is shown in Figure 5.17.  As in the perimeter column-loss 
scenarios, the adjacent columns connected with column-line infill beams saw more load.  This 
was again due to the parallel infill beams in the two adjoining compromised panels and slab two-
way action allowing load redistribution.  The columns connected to the lost column with girders 
still saw significant force increases, but they were about 30% smaller than those in the infill 
beam column lines.  This was a result of the panel infill beams framing into these girders which 
mobilized double-length span composite action and transferred load away from the interior 
girders into girders at the edges of the compromised panels, and into the previously-mentioned 
infill-beam-line columns.  The columns at the four corners of the compromised panels also saw 
increased loads which were also a result of infill beam double-length span and slab two-way 
action.  The peak forces were about half of those at the girder-line columns, as Figure 5.17 
shows. 
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In the two corner column-loss scenarios that did not result in collapse, the majority of 
load was redistributed into the adjacent column in the column line parallel to the infill beams.  
This is shown Figure 5.18.  This was not due to the infill beam orientation, however, but rather 
the exterior moment framing.  In the three-story building, moment framing was only present in 
this direction and the simple shear-connected girders in the perpendicular direction could not 
match the load-redistribution capacity of the moment frame.  In the ten-story building, moment 
frames were present in both directions, but the girder-line moment frame in the adjacent bay had 
shear connections to the corner column weak axis.  This prevented the same level of load being 
transferred into both columns, but the moment connections at the end away from the lost column 
allowed a more consistent distribution than in the three-story building.  A small amount of load 
was transferred into the single column at the corner of the compromised panel in the three-story 
building while none was transferred in the ten-story building. 
The load-redistribution behavior in both the three and ten-story buildings indicates that 
the beam and girder connection continuity in the framing at the nearby columns had a significant 
effect on the alternate load paths mobilized to arrest collapse.  For framing connected to the 
column with moment connections, the presence of moment continuity via moment connections 
on the opposing side attracted more load than for the cases where only shear connections were 
present.  In fact, shear connections on the opposing side had little effect compared to no 
connections at all (i.e. locations at a building edge).  For framing connected with shear 
connections, the presence of continuing framing and floor system on the opposing side allowed 
more load to be distributed into the associated column. 
Another important observation was that columns which were not directly connected to 
the lost column still carried additional load.  Load paths were available through infill beams in 
the compromised panels which subsequently transferred load into girders at the edges of the 
compromised panels, which then flowed into columns at the corners of the compromised panels.  
Slab two-way span action also contributed to these load paths.  The corner columns participated 
most significantly to load redistribution in the interior column-loss cases, due to the larger 
vertical displacements and more symmetric behavior. 
Finally, it is also important to note that the sum of normalized peak load carried by the 
surrounding columns is significantly greater than 1.0 due to inertial effects.  These results cannot 
be used to directly compute a dynamic amplification factor, as the peak forces were taken from 
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different points in time, but they do serve to illustrate the importance of dynamic effects in 
column loss. 
5.3 PERFORMANCE OF THE STEEL DECK AND CONCRETE SLAB 
The composite floor system of steel deck and concrete slab at each floor contributed 
significantly to the alternate load paths following column loss.  This resulted in considerable 
demand in both of these components.  The cases of column A1 and C1 loss were not analyzed 
for detailed demands, as they were determined to lead to structural collapse (as described in the 
appropriate sections of Chapter 4). 
5.3.1 Steel Deck 
The steel deck was stressed to the point of yielding in most column-loss scenarios.  Table 
5.1 shows that only the corner and perimeter column-loss cases for the ten-story building did not 
cause the deck to yield.  This was attributed to the reduced displacement and larger moment-
connected beams in the perimeter framing when compared to the three-story building.  This 
reduced the displacements and need for composite action which stressed the steel deck.  
Although the deck reached yield in all column-loss scenarios for the three-story building, 
some cases were less demanding than others.  The cases where a moment frame was available on 
both sides of the lost column led only to localized yielding surrounding the columns adjacent to 
the lost column.  This can be seen in Figure 4.81 and Figure 4.157 for column A3 and D1 loss, 
respectively.  Perimeter column loss where moment framing was present on only one side of the 
lost column led to higher demand in the steel deck, as the vertical displacements and dependence 
on composite action were larger.  This is demonstrated in Figure 4.50 and Figure 4.124 for 
column A2 and C1 loss, respectively.  Yielding was concentrated both at the lost column where 
the deck supplemented the tensile capacity of the shear connections (providing nearly all of the 
capacity for column A2 loss when shear connection failure occurred) and at the adjacent 
moment-connected column as it provided tensile capacity to negative-bending composite action. 
For each of the interior column-loss cases in both the three and ten-story buildings, the 
yielding behavior in the steel deck was very similar.  A large region surrounding the lost column 
was placed in tension as it contributed to positive-bending composite capacity, while much 
smaller regions at the edges of the compromised panels were also placed in tension, providing 
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negative-bending composite moment capacity.  This is shown in Figure 4.195, Figure 4.228, 
Figure 4.260, Figure 4.292, and Figure 4.433 for column B2, B3, C2, and C3 loss in the three-
story building and column B2 loss in the ten-story building, respectively. 
As the finite element model for the steel deck was continuous across each floor (except 
for holes at column locations), it did not account for the capacity of the lap and end splices in 
deck sections.  As these are expected to be weaker than the deck section itself, the full plastic 
capacity would not be available throughout the floor area and failure in deck connection regions 
of the model that are highly-stressed would be likely.  This would be particularly significant in 
the strong direction of the deck (in a direction oriented parallel to the deck flutes), as the full 
cross-sectional stiffness of the deck is available.  In the weak direction (perpendicular to the 
flutes), the simplified model that neglects deck connection failure is less of a concern, as the 
deck is much more flexible in this direction and the resulting demands at the side lap splices are 
smaller than for the end laps in the strong direction. 
The impact of the simplified assumption of continuous deck with full splice capacity was 
not considered in this study.  In nearly all column-loss cases, the framing connections remained 
intact and carried significant portions of the overall force.  If local failure of the deck were to 
occur in these cases, it is expected that the overall performance of the structures during column 
loss would not be significantly affected.  Additional vertical displacement would likely occur 
with additional load carried by the framing connections, but it is not expected that this would 
lead to collapse.  Future work should investigate the capacity of steel deck splices and the effect 
that these local details have on column-loss performance in light of the contribution to load-
redistribution seen in this research effort. 
5.3.2 Concrete Slab 
As discussed in a previous section, the concrete slab contributed compressive capacity to 
positive-bending composite moments in nearly all column-loss cases.  This resulted in significant 
compressive demand that exceeded the crushing strength of the concrete in some cases.  Fewer 
column-loss scenarios resulted in concrete crushing than yielding of the steel deck, however, as 
Table 5.1 demonstrates.  Only interior and perimeter column-loss scenarios with moment 
framing on one side of the lost column experienced concrete crushing.  This is consistent with 
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the fact that composite action was the only load-redistribution mechanism for interior cases and 
the dominant mechanism for these perimeter column-loss cases. 
For the cases which led to crushing, the regions above the crushing strength were small 
and limited to the area directly surrounding the lost column.  This is shown in Figure 4.196, 
Figure 4.229, Figure 4.261, Figure 4.293, and Figure 4.434 for the interior column-loss cases and 
Figure 4.51 and Figure 4.125 for the perimeter column-loss cases. 
Although the material constitutive relationship for the concrete slab was linear-elastic in 
compression and did not model the crushing and subsequent degradation in strength, this does 
not significantly affect the performance of the structures during column loss.  In all cases where 
compressive stress exceeded the 5 ksi crushing strength, the region stressed above this level was 
small, indicating that the physical structure would see some localized damage while more 
compressive load would be distributed to surrounding areas.  This may result in slightly 
increased displacement, but no significant changes in behavior during column loss should occur. 
5.4 CONNECTION DEMANDS 
Although the behavior of individual connections was studied in great detail for each 
column-loss case presented in Chapter 4, this section will discuss some of the more general 
trends observed in the moment and shear connections across all column-loss scenarios for both 
the three and ten-story buildings.  Again, the generalized identification system introduced 
previously was used.  Figure 5.3 through Figure 5.6 may be reviewed for an explanation of the 
relative connection locations. 
5.4.1 Moment Connections 
As observed in the corner and perimeter column-loss scenarios in Chapter 4 as well as 
previous section of this chapter, the moment connections were key to successful load-
redistribution following column-loss in the three-story building.  These demands introduced 
significant stresses in the connections and often led to stresses exceeding the yield level, which 
was exacerbated by the shifts in the neutral axis due to composite action.  As the perimeter 
column-loss scenarios in the three-story building provide the most useful sample for analysis, 
they will be used exclusively in the following discussion. 
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The beam flanges were the most highly-stressed components of the moment connections.  
A common method of assessing moment-connect demands is axial force-moment interaction of 
the beam cross-section.  This was used in Chapter 4 along with other measures of connection 
demand and found to not be the most useful means of determining the actual force condition of 
the member flanges.  This was a result of the significant composite behavior already discussed in 
a previous section of this chapter and the fact that the bolted web single-plate shear connections 
that were part of the moment connections did not have the full stiffness and strength of the beam 
web.  The composite action shifted the neutral axis of bending upwards, away from the center of 
the beams, which subjected the lower beam flanges to higher forces than the top flange.  This 
resulted in the lower flanges exceeding yield while the predicted section interaction was still 
within the plastic section capacity.  This phenomenon is demonstrated in Table 5.2 which shows 
that the section interaction measure consistently failed to predict when the welded beam flanges 
would exceed the yield stress. 
With the slab and deck providing significant additional compressive axial capacity at 
connections in positive bending and some tensile capacity for connections in negative bending, 
the bottom flanges of the moment connections were consistently loaded more heavily than the 
top flanges.  The ratio of flange axial force to yield force (averaged across all three floors) in 
Figure 5.19 for the top flanges and Figure 5.20 for the bottom flanges shows that top flanges 
only exceeded yield for two column-loss cases (column locations A2 and C1), while at least one 
set of lower flanges were loaded into the inelastic range for all four cases.  This illustrates the 
effect of composite action, as Figure 5.19 shows that the top flanges of the moment connections 
to the lost column were in tension for column-loss cases A3 and D1, indicating the that neutral 
axis of bending was above the top of the beams entirely.  This was made possible by the moment 
connections on both sides of the lost column, which allowed significant composite moments to 
develop.  Conversely, the top moment-connection flanges at the lost column for cases A2 and C1 
were loaded in compression as the opposing shear connections were unable to develop 
significant tension, forcing the moment connections to develop restoring moments instead.  At 
the far end of the lost column, all moment connection top flanges were loaded in tension as the 
limited axial capacity of the steel deck could not develop the same degree of composite 
available.  Nevertheless, when comparing the yield indices of the top flanges (in Figure 5.19) to 
those of the bottom flanges (in Figure 5.20) it is clear that composite action reduced the tensile 
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demand in the top flanges, as the yield indices are consistently smaller for the top flanges than 
the bottom flanges. 
While the flange axial demands in the preceding paragraph were averaged over the three 
floors, it is also useful to compare the trends across the height of the building.  Figure 5.21 and 
Figure 5.22 show the same flange axial force ratios, only plotted against each building floor.  It is 
clear that both the upper and lower flanges are stressed more highly for connections in lower 
floors of the building.  This was not due to the location in the building as much as the size of the 
beams and connections at each floor, as the section size decreased for lower floors (W21x62 
beams at the roof level, W21x57 at the third floor, and W18x35 at the second floor).  As each 
floor redistributed approximately its own weight, the lower floors with smaller beams were 
naturally stressed more. 
In addition to the welded flanges, the bolted single-plate shear connections were also 
heavily loaded during perimeter column loss in the three-story building.  The stiff welded flanges 
prevented any axial damage to the bolt elements, but many of these connections were loaded 
above the design shear capacity of the bolted connections alone, as Table 5.3 illustrates.  The two 
column-loss locations in column line 1 resulted in total connection shear demands in excess of 
the shear connection capacities alone.  None of the shear connections themselves saw shear 
demand in excess of their capacities, however, as the welded flanges carried a significant fraction 
of the total shear at the connections.  In the typical moment connections, about one-half of the 
total connection shear was carried by the bolted shear connection with the other half carried in 
the welded flanges.  This is consistent with previous research (Richard, et al. 1995), (Goel, 
Stojadinovic and Lee 1997), and also troubling as the welded flanges were carrying shear and 
resulting local flange bending moments for which they were not designed. 
In the ten-story building, all moment connections remained entirely in the elastic range 
for every column-loss case studied, which included the worst possible cases for the building.  
The much larger beam sections in the ten-story building required connections with significantly 
higher moment capacities which redistributed the loads following column loss at much lower 
levels of distress.  The same trends were observed as for the moment connections in the three-
story building, with individual flanges seeing higher demands than predicted by section 
interaction alone, but the capacities exceeded demand by a considerable margin for all 
connections in each case such that no individual flanges reached yield. 
 481 
 
The larger bolted shear connections included in the moment connections also had 
sufficient capacity to carry the full shear demand.  Although the rigid welded flanges did still 
carry up to half of the total connection shear force, adequate shear capacity was not dependent on 
this mechanism. 
5.4.1.1 Impact of Moment Connection Demand 
Although no moment connections were loaded to failure in any of the column-loss 
scenarios studied, the high demands on the welded flanges warrants discussion.  The connection 
model assumed that fully-welded flanges connected to the supporting columns were capable of 
developing the same strength and ductility of the wide-flange base material.  No reductions were 
made to account for weld defects or stress concentrations.  In column-loss cases for the ten-story 
buildings, these issues are inconsequential, as the peak stresses remained below yield, often well 
below.  In all of the three-story column-loss scenarios involving moment connections, however, 
plastic deformations occurred in the moment connection regions.  This was often well above the 
yield stress and at or near the ultimate strength of the base metal in some cases.  In light of the 
connection failures observed in the 1994 Northridge earthquake, these demands may lead to 
fracture or early failure of the connection or supporting columns (FEMA 2000c). 
While significant research has been conducted on these types of moment connections for 
seismic loading (FEMA 2000d), little has been done for the distinctly different demands seen 
during progressive collapse.  Seismic connection analysis has focused on cyclic demands 
produced when a building sways, which results in moments with reverse sign on either side of a 
column.  During column loss, however, the sign of moments is the same on either side of all 
affected columns (positive at the lost column and negative at adjacent intact columns).  Some 
preliminary research has studied moment connections loaded in this manner (Khandelwal and El-
Tawil 2007), (Sadek, Main and Lew 2009), but has not included the effect of composite action 
with the concrete slab.  As the results of the column-loss simulations in this research have 
demonstrated, composite action drastically changes the behavior of the moment connections and 
significantly increases the demand on the lower beam flanges.  Additionally, load redistribution 
places large shear demands on the moment connections to intact columns at the edges of 
compromised spans, resulting in shear and local flange bending moment in the flanges. 
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In summary, although the demands on the moment connections in these column-loss 
analyses were within the capacities assumed using the base metal behavior, more work is 
necessary to determine if typical welded connection details can sustain them without premature 
failure. 
5.4.2 Shear Connections 
The connection forces presented in Chapter 4 revealed that shear connections in both 
buildings were subject to significant forces and provided critical load-redistribution capacity 
during dynamic column-loss events.  Their contribution to load-redistribution capacity was 
addressed earlier in this chapter, and the resulting force demands and condition following 
column loss will be discussed here. 
During perimeter column loss in the three-story building, shear connections were loaded 
beyond their capacity in only several specific locations. For perimeter column locations with 
moment framing on only one side, the shear connections on the opposing side of the lost column 
were subjected to large axial forces which initiated damage for both cases studied (column A2 
and C1 loss).  This is shown in Table 5.4.  Furthermore, in the case of column C1 loss, the design 
shear capacity was exceeded for the shear connections at the opposite end of the perimeter 
gravity-framed bay as they redistributed load into the adjacent intact column.  The same occurred 
for the connections to the perpendicular interior infill beam between the lost column and the next 
adjacent intact interior column.  Connections at comparable locations were not loaded beyond 
their capacity for column A2 loss due to the more favorable orientation of the panel infill beams 
(which will be examined in a subsequent section) and the greater shear capacity of the shear 
connections to the perpendicular beams (which were larger girders instead of smaller infill 
beams for this case). 
For perimeter column-loss with moment framing on both sides of the lost column, only 
the case for column D1 resulted in shear connection demand in excess of their capacities, as 
shown in Table 5.4.  In this case, only the connections to the perpendicular infill beams were 
loaded beyond their shear capacity as they aided in redistributing load into the intact interior 
column adjacent to the lost perimeter column.  No shear connections during column A3 loss 
were loaded beyond their respective capacities, again due to the same reasons for the differences 
between cases A2 and C1.  
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Shear connections for interior column loss were consistently loaded beyond their shear 
capacity and to the point that they accumulated axial damage.  Table 5.5 summarizes these 
results and shows that connections typically experienced damage and degradation due to axial 
demand at the lost column while shear forces exceeded the connection design capacity at 
adjacent intact columns along infill beam lines.  These trends were consistent across each of the 
four interior column-loss cases in the three-story building as well as the one in the ten-story 
building.  The only notable difference between the various cases were due to the smaller peak 
vertical displacements at the lost column for column-loss cases C2 and C3 when compared to the 
others, which prevented axial damage from occurring in the infill beam connections to the lost 
column.  The number of locations where the design shear capacity was exceeded was also 
reduced for cases C2 and C3 due to the greater continuity at the edges of the compromised 
panels, which allowed more even load-redistribution capacity 
No shear connections were loaded beyond either their axial or shear capacities for the 
surviving corner column-loss scenario in the three-story building or any of the corner or 
perimeter column scenarios in the ten-story building.  In these cases, the more substantial 
moment connection contributions and smaller peak vertical displacements prevented the shear 
connections from seeing greater demands. 
5.4.2.1 Impact of Shear Connection Deficiencies 
As the preceding section described, a number of shear connections did not have sufficient 
capacity to prevent axial damage or carry the applied shear loads.  The effect of these two 
conditions on the overall performance of the structures is varied.  The axial damage was captured 
by the connection model, which included elastic behavior, pre-peak softening, and post-peak 
damage.  Thus, the effect of axial damage was included in the response of the structure during 
analysis.  The impact on the global system behavior of the shear demand exceeding the design 
capacity, however, is less clear.  The connection model included a plastic limit on shear capacity, 
but this was based on the individual bolt tear-out capacity, and did not consider block shear 
rupture, which often is the controlling limit state for single-plate shear connections.  
Furthermore, the shear flexibility included in the model was approximate and the model did not 
include degradation.  Thus, the effect of insufficient shear strength is not clear from the analyses 
carried out in this research.  It is expected that degradation of shear strength at overloaded 
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connections would cause force redistribution to other connections or into the slab, preventing 
severe damage or collapse, but more work is necessary to investigate this behavior. 
5.5 EFFECT OF STRUCTURAL LAYOUT AND GEOMETRY 
The large number of column locations chosen for column-loss simulation in the three-
story building allowed comparisons of the response for differences in not only the location of the 
column with respect to the edges of the building, but also with different connection conditions 
and framing orientations.  In making these comparisons, the peak vertical displacement of the 
lost column was found to be a good indicator of the overall performance of the building, as the 
degree of structural redundancy and load-redistribution capacity generally correlated to it. 
5.5.1 Column Location 
The peak vertical displacements at the lost column for all column-loss simulations in both 
the three and ten-story building are given in Table 5.6 along with the averages for each general 
column location (building corner, building perimeter, and building interior).  For the two cases 
where successful arrest of collapse did not occur, no displacement is given.  The average peak 
displacements are plotted in Figure 5.23, which shows that, on average, displacements at the lost 
columns in the three-story building perimeter were the highest (and by correlation, demand in 
connections and members), followed by interior columns, and finally corner columns.  It is 
counter-intuitive that corner columns would fare better than perimeter or interior columns, and 
when the data in Table 5.6 are examined more closely, they show that perimeter column-loss 
scenarios for columns A3 and A4 in the three-story building do in fact have smaller peak 
displacements.  The remaining perimeter columns did have higher displacements than the corner 
column for the three-story building, however.  Even the lost-column displacement for column D1 
exceeded the corner column peak displacement, despite having full moment frames on both 
sides.  This difference will be examined more closely in the following section.  Ultimately, 
although the corner column had limited alternative load paths, the tributary area for the corner 
column was only half of exterior columns and one-fourth of interior columns, leaving less load to 
be redistributed. 
The peak displacements for the corner and perimeter columns in the ten-story building 
were much lower than their three-story counterparts, primarily due to full moment framing and 
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larger moment beam sizes in the ten-story building.  The interior column-loss behavior was 
consistent between the two buildings due to similar framing.  These trends will be examined 
more closely in a subsequent section. 
5.5.2 Effect of Connection Type 
The large variations in peak displacement for the six perimeter column-loss scenarios in 
the three-story building shown in Table 5.6 indicate that the type of connections between the lost 
and adjacent columns significantly affected the response.  The six perimeter column locations 
included three connection configurations: shear-connected bays on both sides, shear-connected 
bays on one side and moment framing on the other, and moment frames on both sides of the lost 
column. 
The case of perimeter column loss with shear connections in both adjacent bays (column 
B1) led to collapse.  Although the composite-moment capacity was mobilized, the shear 
connections at the lost column did not have sufficient tensile capacity to develop adequate load-
redistribution capacity.  This does not mean that column failure at locations with no adjacent 
moment frames will inevitably lead to collapse, however, as all interior column-loss scenarios 
were capable of arresting collapse do the larger number of available composite-moment spans.  
If the shear connections in the bays adjacent to column B1 had greater tensile capacity, this 
location would also be able to arrest collapse. 
Although column loss for column locations A2 and C1 did not lead to collapse, the 
ensuing peak vertical displacements were much higher than for column locations A3, A4, and 
D1.  This was due to the full moment frames on both sides of the latter columns while the former 
had moment frames on only one side and simple-shear gravity framing on the other.  This is 
illustrated in Figure 5.24 which shows that displacements were over three times higher, on 
average, for columns with a moment frame on only one side, compared to columns with moment 
frames on both sides.  As discussed in a previous section, the moment connections not only 
provided moment capacity in the connecting beams, but also supported more substantial 
composite action due to the greater tensile capacity of the connections.  The peak displacements 
of lost columns with moment frames on both sides were even smaller in the ten-story building 
due to the heavier beam sections used in the moment frames. 
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5.5.3 Infill Beam Orientation 
The differences in peak displacement for lost perimeter columns in the three-story 
building with comparable adjacent-bay connectivity in Table 5.6 indicate that there is an 
additional mechanism responsible for differences in the perimeter column-loss behavior than the 
surrounding connection type. The only major difference between these two sets of perimeter 
column-loss scenarios was the relative orientation of the infill beam framing with respect to the 
perimeter frame in which the lost column was located.  This can be seen when examining the 
locations of columns A2 and A3 vs. C1 and D1 in the floor plan for the three-story building in 
Figure 2.2. 
The peak lost-column displacements for the four aforementioned columns were separated 
based on infill beam framing orientation and are plotted in Figure 5.25.  There is a clear 
correlation, with lower peak displacements for columns having infill beams oriented parallel to 
the perimeter frame than the comparable case with perpendicularly-oriented infill framing.  
Interestingly, this difference was even more significant for the two columns with full moment 
connectivity.  For these cases, the parallel infill beam orientation reduced peak displacements to 
nearly one-third of the case with perpendicular infill beam orientation.  This may have had less 
to do with the infill beams and more with the difference in the shear-connected bay for the cases 
with moment framing on only one side, as the shear connections were different for the two 
column-loss scenarios used.  The shear connections for the case with perpendicular framing were 
larger and the beams were deeper, which may have given lower peak displacements than if the 
smaller framing and connections from the parallel infill beam case had been used, resulting in a 
difference more consistent with the full moment frame cases. 
Although the two perimeter column-loss scenarios carried out in the ten-story building 
also included the two orientations of infill beam framing, they were not used in this comparison 
due to differences in the perimeter framing.  Column B1 was located in a fully moment-
connected perimeter frame parallel to the infill beams.  Column A2 was located in a perimeter 
moment frame perpendicular to the infill framing, but the shear connections between the moment 
framing and corner column adjacent to column A2 prevented a useful comparison of the effect of 
infill beam orientation.  Despite the less favorable moment framing and infill beam orientation 
available to column A2, the difference in peak displacement was only slightly larger than for B1, 
as shown in Table 5.6.  This suggests that the small displacements in these column-loss scenarios 
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were not sufficient to mobilize composite action in the infill framing for either case.  This is 
consistent with the detailed results presented in Chapter 4 which found that the stiff, strong 
perimeter moment frames in both cases carried the vast majority of the load, rendering the shear-
connected infill framing unnecessary for load redistribution. 
Ultimately, the orientation of the infill framing was important in aiding load-
redistribution and arresting collapse following the loss of a perimeter column, particularly in the 
three-story building.  When the infill beams were oriented perpendicular to the perimeter frame 
with the lost column, they were able to span over the compromised panels by mobilizing 
positive-bending composite action at their connections to the center girder and carry load into the 
intact girders at the edges.  When oriented perpendicular to the perimeter frame, the only load-
redistribution mechanism they could offer was negative-composite action, which was observed 
to be much less substantial than double-length span positive-bending capacity.  These 
conclusions are consistent with the detailed connection behavior presented in Chapter 4 and the 
load-redistribution mechanisms and behavior investigated in the beginning of this chapter. 
5.6 EFFECT OF BUILDING HEIGHT 
When investigating the effects of column location, connection type, and infill beam 
orientation, it became clear that there were also differences in the behavior between the two 
buildings.  For corner and perimeter columns, the taller ten-story building displayed far more 
favorable behavior following column loss than the three-story building, but the differences were 
insignificant for interior column locations. 
5.6.1 Corner and Perimeter Columns 
The peak stresses in the steel deck and concrete slab shown in Table 5.1 illustrate that 
column loss for the corner and perimeter in the ten-story building was far less demanding than 
those in the three-story building.  This trend continued for the peak displacements in Table 5.6.  
The difference in behavior is most clearly illustrated in Figure 5.23 which shows that peak 
displacement for corner column loss in the three-story building was over six times that of the ten-
story building and peak displacement for perimeter columns was over eight times that of those in 
the ten-story building. 
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These drastic differences in behavior were not simply due to the building height or 
number of floors, but instead to the much heavier beams used for the moment frames in the ten-
story building.  The differences can be seen when comparing the section sizes in Figure 2.3 and 
Figure 2.4 for the three-story building to those in Figure 2.7 for the ten-story building.  This 
allowed the moment framing in the ten-story building to redistribute the necessary loads at lower 
stress levels and much lower displacements than the three-story building.  This was also seen in 
the detailed behavior investigated in Chapter 4 which found that framing for corner and 
perimeter column-loss in the ten-story building remained elastic. 
5.6.2 Interior Columns 
The behavior of both the three and ten-story buildings during interior column loss was 
essentially the same.  This can be seen in the slab and deck stresses in Table 5.1 as well as the 
average peak displacements in Figure 5.23. 
The lack of difference is a result of very similar interior floor framing between the two 
buildings.  The bay spacing was 30 feet for both structures with 10 foot spacings between infill 
beams.  The infill beams were W18x35 sections for both buildings.  The only real difference was 
the slightly larger interior girders in the ten-story building (W24x68 versus W21x68 in the three-
story building), but the connections for both the infill beams and girders were the same in both 
buildings.  The deeper girders reduced the peak displacement a small amount due to a longer 
lever arm to the bottom flange binding forces, but this was ultimately insignificant in the overall 
response. 
The similarity between interior column-loss behavior in the three and ten-story buildings 
confirms that the differences in moment framing were responsible for the differences in behavior 
for corner and perimeter column locations.  The larger moment frames in the ten-story building 
were required to resist greater lateral loading as a result of the building height, but the building 
height itself did not affect the column-loss performance. 
5.7 ABILITY OF STRUCTURES TO BRIDGE OVER A FAILED COLUMN 
The large number of column-loss scenarios studied for the three and ten-story buildings 
allowed general conclusions to be made regarding structural robustness and the ability to arrest 
progressive collapse following the loss of a ground-level column. 
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5.7.1 Column Locations Susceptible to Collapse 
Out of the 16 column-loss simulations carried out on the two prototype buildings, only 
two resulted in collapse.  One of these cases (corner column A1 in the three-story building) was 
clearly identified as collapse in the analysis.  The other case of collapse (perimeter column B1 in 
the three-story building) was not explicitly evident during analysis, but subsequent study of the 
output data indicated that only the capacity of the simplified deck prevented collapse, which 
could not be counted on in a physical structure. 
The two columns which led to collapse had one significant structural aspect in common: 
they were both located at the edge of the building and had no moment connectivity to the rest of 
the structure.  Column A1 was a corner column and column B1 was a perimeter column, but both 
had only shear connections in the adjoining bays.  Although the loss of interior columns, which 
had only shear-connectivity, did not lead to collapse, their interior locations allowed two 
directions of double-span composite bridging action. 
Further validating shear connectivity as the reason for collapse at these column-loss 
locations is the fact that other similarly-located columns such as column A5 (a corner column in 
the three-story building), A2, and C1 (both perimeter columns in the three-story building) did not 
experience collapse.  The difference was the moment frame present on one side of the lost 
column in these scenarios which was able to provide enough load redistribution capacity to arrest 
collapse. 
In the ten-story building, all corner and perimeter columns had moment connectivity that 
provided ample load-redistribution capacity and prevented any collapse.  The interior column-
loss scenarios behaved very similarly to those of the three-story building and were capable of 
arresting collapse. 
5.7.2 Collapse Behavior 
Although the structure was not capable of arresting collapse following column loss at two 
locations, as discussed in the previous section, these cases did not appear to propagate to 
widespread structural failure.  The loss of the corner column led to local collapse, but it appeared 
to be localized to only the affected corner panel and did not propagate to other portions of the 
structure.  This was primarily due to the weak shear connections between members in the 
compromised bay and the rest of the structure which simply failed during collapse, rather than 
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applying enough load to ―pull down‖ the intact adjacent portions of the structure.  For the 
perimeter column case, the post-collapse effect on the surrounding structure was not clear, as 
collapse did not occur during analysis.  Based on the results and behavior in the corner column, 
however, it is likely that the damage would be isolated to the compromised panels (two, in this 
case, as it was a perimeter column) and would not lead to further collapse propagation in the rest 
of the building. 
5.8 FINAL CONCLUSIONS ON STRUCTURAL ROBUSTNESS 
Although the prototype structures used in this research represent typical low and mid-rise 
steel moment-frame structures that were not designed specifically to resist progressive collapse 
following column loss, they were capable of mobilizing alternative load paths in order to 
successfully bridge over a failed column.  Composite action, both in positive and negative-
bending, was mobilized in all cases and provided load-redistribution capacity, even at shear 
connections.  The composite action resulted in significant demands in the steel deck and concrete 
slab as well as shear and moment connections in the compromised panels of the structure 
surrounding the lost column.  The location of the column in the building, type of connections, 
and orientations of the infill beams around the lost column all influenced structural response and 
load-redistribution patterns with some configurations showing clear advantages over others.  The 
building height itself did not affect the response, but the larger beams in the moment frames of 
the ten-story building significantly decreased the displacements and stresses following corner 
and perimeter column loss when compared to the three-story building. 
Although composite action was the primary load-redistribution mechanism, moment 
capacity in the moment framing (where present) was also significant.  Larger composite 
moments were also mobilized at locations of moment connections due to their greater axial 
stiffness and strength when compared to bolted shear connections alone.  In a few isolated cases, 
some catenary action was observed, but it was insignificant in comparison to composite action 
and moment-frame capacity. 
Two-way span action in the concrete slab also served to redistribute forces.  It aided in 
spanning over compromised panels as well as diverting shear force from infill beam connections 
directly into girders and perimeter framing.  In most cases, it significantly reduced the shear 
demand on infill beams when compared to the typical one-way span assumption made in design. 
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Load redistribution occurred primarily across individual floors with little transfer of load 
up or down the structure.  Essentially, each floor redistributed its own weight in the 
compromised zone out to adjacent intact columns.  This was evident in the minimal axial forces 
present in the remaining portion of the lost columns.  In perimeter column-loss cases for the ten-
story building, there was a small amount of axial force in the column splices near the bottom of 
the structure, indicating that some axial load was transferred down the structure to the stiffer 
moment framing near the bottom. 
Demands in beam and column sections typically remained within their respective 
bending, axial, and shear capacities.  Some limited lateral-torsional-buckling in moment-frame 
beams was evident in several perimeter column-loss scenarios, but it did not affect the ability of 
the structure to bridge over the lost column.  In nearly all moment-frame beams through the 
series of analyses, plastic deformation was limited to the connection region.  Stresses in shear-
connected framing were nearly always elastic, as the bolted connections were much weaker than 
the beam cross-sections.  The only exception was at shear connections which experienced large 
negative rotations.  In these cases, binding forces developed between the lower beam flange and 
supporting member, which provided sufficient capacity to develop plastic stresses in the beams.  
All columns had sufficient axial capacity to carry redistributed loads, which were sometimes 
over twice their pre-column-loss levels.  This was primarily due to the significant reserve 
capacity as a result of the low load combination used (1.0D + 0.25L) versus that used to design 
the columns (1.2D + 1.6L, or one governed by wind).  
Connections were the most critical components in the structure, as they nearly always had 
lower capacity then the framing they were joining.  The directly-welded-flange moment 
connections with bolted web shear connections did not have the moment capacity of the 
unreduced beam section and thus saw significant plastic demands for some column-loss cases.  
Only column-loss scenarios in the ten-story building did not lead to inelastic response in moment 
connections.  Although the moment connections used in the model had sufficient capacity, the 
stresses were often high and significant flange shear and moments developed.  In a physical 
connection, the strength and ductility in these regions may be limited, particularly when 
subjected to large force interactions (between axial force, shear force, and flange local bending) 
as previous research has found (Khandelwal and El-Tawil 2007), (Goel, Stojadinovic and Lee 
1997), (Richard, et al. 1995).  This is particularly concerning as the bottom flanges of moment 
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connections consistently saw higher forces and are more likely to suffer from weld defects 
(FEMA 2000b). 
The most highly-loaded shear connections in the structure were typically subject to large 
axial demands.  This resulted from composite action, which required large tensile or compressive 
forces (depending on the sign of bending).  In tension, many shear connections were loaded 
beyond their peak capacity and accumulated damage due to bolt tear-out.  No connections in 
compression experienced degradation, as tear-out could not occur.  Although binding sometimes 
reversed the connection force to tension, this did not introduce damage or failure in the 
connection, as the steel deck was able to provide sufficient axial capacity.  Some shear 
connections were subject to shear demand exceeding the nominal design capacity.  As the shear 
connection model did not include shear degradation, the impact of this is unclear.  It is expected 
that initiating shear damage in the connections would allow shear force to redistribute into the 
slab, avoiding complete connection failure.  Future research should investigate this further. 
In conclusion, the results of this research indicate that, in general, typical low and 
medium-rise steel moment-framed buildings have the capacity to bridge over a failed ground-
level column.  This is true for all interior column locations and for corner and perimeter columns 
which include moment framing on at least one side. 
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CHAPTER 5 TABLES 
Table 5.1: Peak demand in steel deck and concrete slab for each column-loss scenario 
 
Column-loss 
Scenario
Peak stress in 
Steel Deck (ksi)
Peak Compressive 
Stress in Slab (ksi)
A1
A5 Yield 3.7
A2 Yield Crushing
A3 Yield 4.5
A4 Yield 4.97
B1
C1 Yield Crushing
D1 Yield 4.5
B2 Yield Crushing
B3 Yield Crushing
C2 Yield Crushing
C3 Yield Crushing
A1 23 2.0
B1 27.8 1.4
A2 29.97 2.0
B2 Yield Crushing
Perimeter Column Loss
Interior Column Loss
Peak Steel Deck and Concrete Slab 
Demand
Collapse
Collapse
Three-Story Building
Corner Column Loss
Perimeter Column Loss
Interior Column Loss
Ten-Story Building
Corner Column Loss
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Table 5.2: Moment connection yield as predicted by section interaction and flange axial force for 
perimeter column loss in the three-story building 
 
Bottom Top
R
3
2
R
3 X X
2 X X
R X X X
3 X X X
2 X X X
R
3
2 X X
R X
3 X
2 X
R X
3 X
2 X X
R
3
2
R
3 X
2 X X
R X X
3 X X X
2 X X X
R
3
2 X X
R X X
3 X X
2 X X
R X
3 X
2 X X
Section Yield Predictions
N/A (shear conn) N/A (shear conn)
D1: 3-Story
Perimeter Framing at Far End of 
Lost Column (North/East)
Perimeter Framing at Lost 
Column
Perimeter Framing at Far End of 
Lost Column (South/West)
A3: 3-Story
Perimeter Framing at Far End of 
Lost Column (North/East)
Perimeter Framing at Lost 
Column
Perimeter Framing at Far End of 
Lost Column (South/West)
C1: 3-Story
Perimeter Framing at Far End of 
Lost Column (North/East)
Perimeter Framing at Lost 
Column
Perimeter Framing at Far End of 
Lost Column (South/West)
Perimeter Framing at Lost 
Column
Perimeter Framing at Far End of 
Lost Column (South/West)
A2: 3-Story
N/A (shear conn) N/A (shear conn)
Flange Yield?
Column-Loss Scenario Connection Location Floor Section Yield?
Perimeter Framing at Far End of 
Lost Column (North/East)
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Table 5.3: Moment connection bolted web shear connection demand for perimeter column loss in 
the three-story building 
 
Column-Loss Scenario Connection Location Floor
Shear Demand 
Exceeding Shear 
Connection Capacity?
R
3
2
R
3
2
R
3
2
R
3 X
2
R
3
2
R X
3 X
2 X
R
3 X
2 X
R X
3 X
2 X
D1: 3-Story
Perimeter Framing at Far 
End of Lost Column 
(North/East)
Perimeter Framing at Far 
End of Lost Column 
(South/West)
N/A (shear conn)
N/A (shear conn)
C1: 3-Story
Perimeter Framing at Far 
End of Lost Column 
(North/East)
Perimeter Framing at Far 
End of Lost Column 
(South/West)
Perimeter Framing at Far 
End of Lost Column 
(South/West)
A3: 3-Story
Perimeter Framing at Far 
End of Lost Column 
(North/East)
Perimeter Framing at Far 
End of Lost Column 
(South/West)
Moment Connection Bolted Shear Connection Demand
A2: 3-Story
Perimeter Framing at Far 
End of Lost Column 
(North/East)
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Table 5.4: Shear connection demand for perimeter column loss in the three-story building 
 
Column-Loss 
Scenario
Shear Connection Location
Axial 
Damage?
Shear Capacity 
Exceeded?
Perimeter Framing at Far End of 
Lost Column (North/East)
Perimeter Framing at Lost Column X
Perimeter Framing at Far End of 
Lost Column (South/West)
Perpendicular Interior Framing at  
Lost Column
Perpendicular Interior Framing at 
Far End of Lost Column
Nearest Row of Panel Infill Beams
Perimeter Framing at Far End of 
Lost Column (North/East)
Perimeter Framing at Lost Column
Perimeter Framing at Far End of 
Lost Column (South/West)
Perpendicular Interior Framing at  
Lost Column
Perpendicular Interior Framing at 
Far End of Lost Column
Nearest Row of Panel Infill Beams
Perimeter Framing at Far End of 
Lost Column (North/East)
X
Perimeter Framing at Lost Column X
Perimeter Framing at Far End of 
Lost Column (South/West)
Perpendicular Interior Framing at  
Lost Column
Perpendicular Interior Framing at 
Far End of Lost Column
X
Nearest Row of Panel Infill Beams
Perimeter Framing at Far End of 
Lost Column (North/East)
Perimeter Framing at Lost Column
Perimeter Framing at Far End of 
Lost Column (South/West)
Perpendicular Interior Framing at  
Lost Column
Perpendicular Interior Framing at 
Far End of Lost Column
X
Nearest Row of Panel Infill Beams
Shear Connection Demand
N/A (moment conn)
N/A (moment conn)
N/A (moment conn)
N/A (moment conn)
N/A (moment conn)
D1: 3-Story
N/A (moment conn)
N/A (moment conn)
N/A (moment conn)
A2: 3-Story
A3: 3-Story
C1: 3-Story
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Table 5.5: Shear connection demand for interior column loss in the three-story building 
  
Column-Loss 
Scenario
Shear Connection Location
Axial 
Damage?
Shear Capacity 
Exceeded?
Girder Framing at Far End of Lost 
Column (North/East)
Girder Framing at Lost Column X
Girder Framing at Far End of Lost 
Column (South/West)
Infill Beam Framing at Far End of 
Lost Column (North/East)
Infill Beam Framing at Lost Column X X
Infill Beam Framing at Far End of 
Lost Column (South/West)
X
Nearest Row of Panel Infill Beams X
Girder Framing at Far End of Lost 
Column (North/East)
Girder Framing at Lost Column X
Girder Framing at Far End of Lost 
Column (South/West)
Infill Beam Framing at Far End of 
Lost Column (North/East)
X
Infill Beam Framing at Lost Column X X
Infill Beam Framing at Far End of 
Lost Column (South/West)
X
Nearest Row of Panel Infill Beams
Girder Framing at Far End of Lost 
Column (North/East)
Girder Framing at Lost Column X
Girder Framing at Far End of Lost 
Column (South/West)
Infill Beam Framing at Far End of 
Lost Column (North/East)
Infill Beam Framing at Lost Column
Infill Beam Framing at Far End of 
Lost Column (South/West)
X
Nearest Row of Panel Infill Beams
Girder Framing at Far End of Lost 
Column (North/East)
Girder Framing at Lost Column X
Girder Framing at Far End of Lost 
Column (South/West)
Infill Beam Framing at Far End of 
Lost Column (North/East)
Infill Beam Framing at Lost Column
Infill Beam Framing at Far End of 
Lost Column (South/West)
X
Nearest Row of Panel Infill Beams
Girder Framing at Far End of Lost 
Column (North/East)
Girder Framing at Lost Column X
Girder Framing at Far End of Lost 
Column (South/West)
Infill Beam Framing at Far End of 
Lost Column (North/East)
Infill Beam Framing at Lost Column X X
Infill Beam Framing at Far End of 
Lost Column (South/West)
X
Nearest Row of Panel Infill Beams
B2: 10-Story
B3: 3-Story
C2: 3-Story
C3: 3-Story
Shear Connection Demand
B2: 3-Story
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Table 5.6: Peak vertical displacements for all column-loss scenarios 
 
 
Column-loss 
Scenario
Peak Vertical 
Displacment  (in)
Average* 
(in)
A1 Collapse
A5 12.5
A2 24.0
A3 4.9
A4 5.1
B1 Collapse
C1 37.2
D1 14.8
B2 17.4
B3 14.6
C2 13.7
C3 12.4
A1 1.7 1.7
B1 1.6
A2 2.1
B2 13.9 13.9
* Average does not include collapsed cases
12.5
17.2
14.5
1.9
Vertical Displacement
Three-Story Building
Corner Column Loss
Perimeter Column Loss
Interior Column Loss
Ten-Story Building
Corner Column Loss
Perimeter Column Loss
Interior Column Loss
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CHAPTER 5 FIGURES 
 
Figure 5.1: Dimensions used to calculate approximate composite moments at moment connections 
 
 
Figure 5.2: Dimensions used to calculate approximate composite moments at shear connections 
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Figure 5.3: Legend for connection locations in perimeter column-loss scenarios along column line A 
(shown for column A2 loss in the three-story building) 
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Figure 5.4: Legend for connection locations in perimeter column-loss scenarios along column line 1 
(shown for column D1 loss in the three-story building) 
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Figure 5.5: Legend for connection locations in interior column-loss scenarios (shown for column C2 
loss in the three-story building) 
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Figure 5.6: Legend for connection locations in corner column-loss scenarios (shown for column A5 
loss in the three-story building) 
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Figure 5.7: Peak positive composite moment indices at connections for perimeter column loss 
scenarios, averaged for all floors 
 
Figure 5.8: Peak negative composite moment indices at connections for perimeter column loss 
scenarios, averaged for all floors 
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Figure 5.9: Peak positive composite moment indices at connections for interior column loss 
scenarios, averaged for all floors 
 
Figure 5.10: Peak negative composite moment indices at connections for interior column loss 
scenarios, averaged for all floors 
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Figure 5.11: Peak composite moment indices at connections for corner column loss scenarios, 
averaged for all floors 
 
Figure 5.12: Peak moment indices in moment connections for perimeter column loss scenarios, 
averaged for all floors 
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Figure 5.13: Peak moment indices in moment connections for corner column loss scenarios, 
averaged for all floors 
 
Figure 5.14: Ratio of peak moment in moment connections to peak composite moment for 
perimeter column loss scenarios, averaged for all floors 
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Figure 5.15: Ratio of peak moment in moment connections to peak composite moment for corner 
column loss scenarios, averaged for all floors 
 
Figure 5.16: Normalized peak vertical base reactions in columns adjacent to lost column for 
perimeter column loss scenarios 
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Figure 5.17: Normalized peak vertical base reactions in columns adjacent to lost column for 
interior column loss scenarios 
 
Figure 5.18: Normalized peak vertical base reactions in columns adjacent to lost column for corner 
column loss scenarios 
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Figure 5.19: Yield behavior of beam top flanges in moment connections for the three-story building 
 
Figure 5.20: Yield behavior of beam bottom flanges in moment connections for the three-story 
building 
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Figure 5.21: Yield trends of beam top flanges in moment connections for the three-story building 
based on floor level 
 
Figure 5.22: Yield trends of beam bottom flanges in moment connections for the three-story 
building based on floor level 
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Figure 5.23: Average peak vertical displacement for all column-loss scenarios 
 
Figure 5.24: Average peak vertical displacement comparing framing conditions on each side of the 
lost column 
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Figure 5.25: Average peak vertical displacement for the three-story building comparing the 
orientation of infill beams with respect to the perimeter frame 
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CHAPTER 6 - SUMMARY AND CONCLUSIONS 
6.1 RESEARCH SUMMARY 
Progressive collapse behavior of low and mid-rise steel moment-framed buildings was 
studied by considering ground story column-loss scenarios.  This was carried out on two 
prototype steel structures that were subjected to dynamic column removal and analyzed for their 
behavior following column loss. 
The two prototype structures were selected from an existing suite of model buildings 
created for past seismic research.  The buildings chosen were three and ten-story steel-framed 
structures designed for low-seismic regions of the United States according to pre-Northridge 
practice.  They featured perimeter moment frames as the lateral load-resisting system, with the 
remainder of framing connected with simple shear connections. 
Finite element models were constructed in Abaqus/CAE to represent the prototype 
buildings.  Shell elements were used to represent the beams and columns and included the cross-
section geometry as well as internal stiffeners at connection regions.  Flat shell element layers 
were used to represent the steel deck and composite slab, although the former used an orthotropic 
stiffness formulation calibrated to represent fluted deck geometry.  Material densities and 
nonlinear material constitutive relations were assigned to all components in the.  Superimposed 
and external applied loads were defined as nonstructural masses with a load combination of 1.0 
times the dead load and 0.25 times the live load.  A uniform gravitational acceleration field was 
used in the model to apply the load.  Idealized connection models were implemented, which 
included rigidly-connected beam flanges for moment connections, nonlinear spring connector 
elements to represent the bolted connections, and rigid contact springs to model potential flange 
binding in shear connections.  Realistic connection geometry such as copes and offset clearances 
were utilized. 
The finite-element models were analyzed for dynamic column loss in Abaqus/Explicit.  
Two analysis steps were used: one to smoothly apply the gravity loads (by linearly applying the 
acceleration field), and a second to instantaneously remove the desired column.  The column-
removal step was run for one second to fully capture the critical region of post-column-loss 
behavior.  Output quantities such as stress, displacement, and force were recorded during both 
analysis steps. 
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Following analysis, the results were processed to calculate resultant connection forces 
and general structural behavior, such as load-redistribution.  A total of sixteen column-loss 
scenarios were studied, including twelve in the three-story building and four in the ten-story 
building. 
6.2 CONCLUSIONS 
The dynamic column-loss simulations provided a number of conclusions regarding the 
performance of low and mid-rise steel moment-framed buildings.  These included issues such as 
load redistribution mechanisms and patterns, performance of the steel deck and composite 
concrete slab, and connection demands.  Effects of structural layout and geometry that were also 
investigated included column location within the building floor plans, connection type to the lost 
column, the orientation of the infill beam framing with respect to the lost column, and building 
height. 
Composite moment action was a significant load redistribution mechanism following 
column loss.  This was most prevalent at the lost column, where connection axial capacity 
allowed positive bending composite moments to develop, which allowed the two affected beam 
spans to act as one double-length span.  Negative-bending composite moments also developed at 
adjacent intact columns where the steel deck and concrete slab reinforcement provided tensile 
capacity.  For interior columns, composite action was the only mechanism available due to the 
lack of any available moment connections at the lost column.  In corner and perimeter columns 
with moment framing on one or more sides of the lost column, composite action was mobilized 
in conjunction with moment capacity within the steel sections.  Catenary action was not a 
contributing load-redistribution mechanism and was only observed to have a small contribution 
for a few cases.  Two-way span action of the slab was not a primary load-redistribution 
mechanism, but did aid in transferring load to columns at the corners of compromised bays that 
were otherwise not directly connected by framing to the lost column. 
The concrete slab and steel deck were subjected to high stresses as a result of the 
composite action.  For interior column-loss scenarios, the concrete slab was loaded above its 
crushing strength at the lost column (where positive composite action was mobilized).  The 
regions stressed above crushing were small, however, and unlikely to adversely affect the overall 
response of the structure.  In most column-loss cases, the steel deck was loaded beyond yield.  
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The plastic region was particularly large for interior column-loss and perimeter column-loss 
cases where moment framing was only available on one side of the lost column.  The deck was 
modeled as a continuous layer, so it did not capture possible damage or failure of splices in the 
steel deck. 
Following column loss, load was redistributed to nearby columns according to the 
strength and stiffness of available load-transfer mechanisms.  For corner and perimeter column-
loss locations, adjacent columns connected by moment framing saw higher forces than those 
connected with only shear framing.  For interior columns, the load-redistribution to the 
connected adjacent columns was much more uniform due to the consistent shear connections, 
although intact columns connected to the lost column with infill beam framing saw about 50% 
higher loads than their counterparts that were connected to the lost column with girders.  This 
was a result of spanning capacity by the panel infill beams which carried load away from the 
girders in the center of the compromised panels to outlying girders, which then carried load into 
the infill-beam-connected columns.  Two-way slab spanning action also contributed to this effect 
as well as allowed columns at the corners of the compromised panels to carry some additional 
load. 
Moment connections to the lost column and at the opposite end of affected beams to 
adjacent intact columns saw significant demands following column loss.  Although significant 
bending moments were mobilized, composite action was also important due to the high axial 
stiffness and strength of the connections.  At positive-bending locations (i.e. at the lost column) 
this resulted in a combination of positive bending and high tensile forces in the connections.  
This placed significantly larger axial demand on the lower beam flanges, as the upper flanges 
were often near the neutral axis of bending.  At adjacent intact columns, negative-bending 
composite action added compressive force to the negative bending moments in the connections, 
which subjected the lower flanges to higher compressive forces than the upper flanges.  In 
addition to the axial forces, moment connections in negative bending also saw flange shear and 
local moments due to large shear forces from load being redistributed away from the 
compromised region of the structure.  Although they had sufficient strength and ductility 
according to the base metal material constitutive model used, weld defects and insufficient 
ductility could lead to premature failure of the welded flanges in a physical structure.  The bolted 
web shear connections used in the moment connections remained in their elastic ranges for all 
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column-loss scenarios as the stiffer welded flanges prevented sufficient displacements to cause 
damage. 
Moment connections outside bays which shared the lost column saw relatively small 
demands and were not loaded outside their elastic ranges. 
Shear connections were also subjected to significant demands following column loss and 
many suffered damage due to large axial forces.  For column-loss scenarios which did not have 
moment framing on two sides of the lost column, shear connections were necessary to provide 
composite action and bridge over the failed column.  The positive-bending composite moments 
required high axial forces, which often led to some degree of bolt tear-out damage in the 
connections.  This was the cause of one of the two collapse scenarios when the shear connections 
to one side of the lost column failed entirely.  In most cases requiring large composite action 
from the shear connections, the damage was somewhat limited and downward vertical 
displacement at the lost column was arrested before complete connection failure.  This damage 
mechanism proved to be ductile and forgiving, although rotations coupled with axial force 
prevented the connections from reaching their theoretical peak axial capacity as bolts at the 
bottom of the connection would reach the damage threshold before those higher up. 
For shear connections in negative-bending, compressive axial forces developed as 
negative composite moments were mobilized.  These forces never exceeded the capacity of the 
connections, however, as lower-flange binding occurred between the beam and supporting 
element.  This served to isolate the shear connection from further compressive force.  In some 
cases where large negative rotations were imposed, the sign of net axial force in the connection 
reversed to become tensile, but in no case did this lead to connection damage, as the steel deck 
above provided significant axial capacity. 
The shear demand exceeded the design capacity for some shear connections, particularly 
those for infill beams at intact columns adjacent to a lost interior column.  Since the bolted shear 
connection model did not include degradation in this direction, the effect of this is unclear, 
although it is possible that the slab could provide enough additional capacity if ductile shear 
damage began to occur. 
Column location played an important role in the response of the structures following 
column loss.  Perimeter columns in the three-story building had the largest average peak vertical 
displacements, followed by corner columns, and finally interior columns.  In the ten-story 
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building, consistent moment framing at the perimeter resulted in perimeter column loss being the 
most favorable, followed by corner locations and finally interior columns. 
For corner and perimeter columns, the presence of moment connections on both sides of 
the lost column significantly reduced peak displacements, connection demands, and stresses in 
the deck and slab.  Although corner and perimeter column locations with moment framing on 
one side were able to arrest collapse, those without any moment connectivity could not.  The 
structures were capable of arresting interior column loss without any moment framing due to the 
availability of two orthogonal in-plane directions for composite double-length span action as 
well as more favorable conditions for slab two-way action. 
Columns in perimeter frames oriented parallel to the infill beams saw smaller peak 
displacements following column loss than those in frames oriented perpendicular to the infill 
framing.  The demands in the affected perimeter frames were also reduced as the infill beams 
provided double-length composite span capacity and aided in bridging over the compromised 
panels.  This effect was significant for all perimeter columns in the three-story building, but 
almost negligible in the ten-story building, as the stiffer moment frames did not permit the 
displacements necessary to mobilize useful composite action in the infill beam connections. 
The height of the building did not itself alter the column-loss behavior or ability to arrest 
collapse.  The response following interior column loss was essentially the same for both the three 
and ten-story buildings, although peak vertical displacements and demand levels for corner and 
perimeter columns were significantly smaller for column loss in the ten-story building when 
compared to the three-story building.  This was not due to the building height, but rather due to 
the much larger moment framing in the ten-story building. 
Ultimately, both the three and ten-story buildings were able to arrest collapse following 
loss of any single interior column and columns located along the building perimeter or at corners.  
Successful arrest of corner or perimeter column loss, however, was contingent on moment 
frames available on at least one side of the lost column.  Corner and perimeter column-loss cases 
featuring only shear-connected framing led to localized collapse, although it did not appear that 
further propagation throughout the remaining intact portion of the building would occur. 
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6.3 RECOMMENDATIONS 
Although this research effort did not study changes that could improve the response of 
steel moment-framed buildings following column loss, the observed behavior allowed some 
general recommendations that could enhance robustness.  These are: 
1. Moment frames should be included in the entire building perimeter, or at the very 
least, included on one side of all perimeter and corner columns. 
2. Where possible, infill framing in panels adjoining the building edges should be 
oriented parallel with the perimeter frames, as this allows them to span across a 
set of compromised panels and aid in load redistribution. 
3. Shear connections for all interior framing should be larger than typical gravity 
design dictates to give higher axial capacity to 
4. The minimum tensile capacities for shear connections specified in the 2009 
International Building Code (IBC 2009) are insufficient to ensure collapse arrest.  
Although all shear connections in the prototype structures met this requirement, it 
failed to prevent connection damage in many cases and collapse occurred 
following the loss of a perimeter column with only gravity connectivity to the 
remainder of the structure. 
5. Moment connections should be designed to develop the full plastic moment of the 
connected moment framing and detailing should allow sufficient ductility to 
mobilize this strength. 
6. Concrete slabs should be continuous around columns to allow compressive 
capacity to carry though columns when positive-bending composite action 
develops. 
7. Concrete slabs should not consist of low-strength (below 4 ksi) concrete, as the 
compressive capacity is essential in developing composite action. 
8. Column splices do not need to be designed for load redistribution up or down the 
structure in structures with consistent floor plans, as each floor essentially carries 
its own weight over the lost column. 
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6.4 FUTURE WORK 
Based on the results from this research, several important issues were identified that 
deserve further investigation.  These are divided into two categories: improvements in analysis 
and experimental testing. 
The issues that should be addressed for dynamic progressive-collapse analysis are: 
1. The actual stiffness and strength of composite shear studs should be included in to 
study the effect of stud yielding and failure on column-loss behavior. 
2. The actual strength and locations of deck end and lap splices should be used to 
assess their effect on structural robustness. 
3. Realistic shear behavior with degradation should be used in simple shear 
connection models to capture response when shear demand may approach the 
design capacity. 
The issues that should be addressed by experimental testing primarily relate to connection 
behavior and are: 
1. Moment connection behavior under high moment and axial tension should be 
studied to assess the expected performance of connections at a lost column. 
2. Moment connection behavior under high moment, axial compression, and shear 
should be studied to assess the expected performance of connections at an intact 
column adjacent to the lost column. 
3. Shear connections should be tested under combinations of rotation, axial force 
(tensile and compressive) and shear, particularly the shear capacity when in 
compression and experiencing flange binding with the supporting member. 
4. The physical mobilization of composite action as it occurs in column-loss should 
be studied, particularly the available negative-bending capacity. 
5. Full or reduced-scale models including realistic connections and the complete 
composite deck and slab should be tested in column pulldown or even through 
dynamic column removal.  Only one floor should be necessary, as this research 
found little vertical load redistribution. 
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APPENDIX A - CONNECTION CALCULATIONS 
A.1 SHEAR CONNECTION AXIAL ANALYSIS 
The single-plate shear connections were designed to resist the shear demands due to the 
beam end reactions according to typical design practice.  During this stage, no consideration of 
axial capacity or behavior was made since the intention was to analyze a typical structure that 
was not specifically designed with progressive collapse or column-loss considerations in mind. 
A.1.1 Typical Shear Connection Axial Capacity 
Using the 2005 AISC Specification for Structural Steel Buildings (AISC 2005a) and 
following the methodology outlined in (Gustafson 2009), a typical shear connection was 
analyzed for its tensile capacity.  The most commonly-occurring connection in the three-story 
building, that of a W18x35 infill beam to a W21x68 girder was selected.  This connection is 
shown in Figure 2.11. 
When a single-tab shear connection is placed in tension, the basic connection limit states 
of bolt shear, plate yielding, plate rupture, bolt bearing, and block shear apply.  Following are 
sample calculations for these limit states. 
Bolt Shear 
Using the geometry illustrated in Figure A.6.1, and Equation J3-1, the bolt shear capacity 
is calculated as: 
Tnh = nFvAb = (3 bolts)(48ksi)(0.4418in
2
) = 63.6k 
Tensile Yielding of Plate 
Using the geometry illustrated in Figure A.6.2, and Equation D2-1, the tensile yielding 
capacity is calculated as: 
Tnh = FyAn = (58ksi){(0.25‖)[(8.5‖)-3(0.875‖)]} = 85.2k 
Tensile Rupture of Plate 
Using the geometry illustrated in Figure A.6.3, and Equation D2-2, the tensile yielding 
capacity is calculated as: 
Tnh = FyAg = (36ksi)[(0.25‖)(8.5‖)] = 76 
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Bearing Strength at Bolt Holes 
Using the geometry illustrated in Figure A.6.4, and Equation J3-6b, the bearing strength 
is calculated as: 
Tnh = n1.5LchtFu = (3 bolts)(1.5)[(1.5‖-0.5‖)(0.25‖)](58ksi) = 65.3k 
Block Shear Strength 
Using the geometry illustrated in Figure A.6.5, and Equation J4-5, the block shear 
strength is calculated as: 
Tnh = 0.6FuAnvh +UbsFuAnth  ≤  0.6FyAgvh +UbsFuAnth 
(0.6)(58ksi){(0.25‖)[2(1.5-1.0625‖/2)]} + (1.0)(58ksi)(0.25‖)[2(3‖-0.875‖)] = 78.5k 
≤  (0.6)(36ksi){(0.25‖)[2(1.5‖)]} + (1.0)(58ksi)(0.25‖)[2(3‖-0.875‖)] = 77.8k 
 
So, according the AISC equations, the controlling limit state is bolt shear, with a tensile 
capacity of 63.6 kips. 
A.2 SHEAR CONNECTION TENSION BEHAVIOR 
Shear connections were modeled by using connector elements to model each individual 
bolt, as described in Chapter 3  The behavior of these components in tension (along the axis of 
the connected beams) was derived for the two limit states of interest, bolt shear failure and bolt 
tear-out failure 
A.2.1 Bolt Shear Failure 
The bolt shear model was obtained by adjusting existing bolt shear stress versus shear 
displacement data (Kulak et. al. 1987) for the effect of threads included in the shear plane (Frank 
and Yura 1981) and then multiplying the stress values by the nominal bolt cross-sectional area to 
obtain the force-deformation behavior.  The data for A325N bolts is given in Table A.1and the 
data for A490N bolts is given in Table A.2.  The behavior of both bolts is plotted in Figure 3.15. 
A.2.2 Bolt Tear-Out Failure 
An approach used in Sadek et al, 2008 was used to model the bolt tear-out limit state.  
The behavior is illustrated in Figure 3.16.   
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The initial stiffness was derived from a rotational stiffness relation in FEMA 355D 
(2000c) and the individual bolt stiffness back-calculated assuming a 3-bolt connection with bolts 
spaced at 3‖.   
The yield strength and ultimate strength were calculated by using the tear-out portion of 
AISC Specification Equation J3-6B by using the yield and ultimate stress values, respectively for 
the shear plate.  Since ASTM A36 plate often has yield and ultimate stresses above the minimum 
requirements of 36 ksi and 58 ksi, the values used in the bolt tear-out equation were from ASTM 
A36 coupon test data for plates (Fukumoto 2000), shown in Figure A.6.6.  The mean value of the 
data points was used for plate having a thickness of ¼‖ (6.35mm).  A yield stress of 46 ksi (320 
MPa) and an ultimate stress of 67 ksi (460 MPa) was used. 
The yield displacement was the value corresponding to the yield stress found from the 
procedure above.  The ultimate displacement was calculated based on a rotation at peak moment 
relation in FEMA 355D (2000c) which was then used to back-calculate the displacement at the 
farthest bolt from the center in a 3-bolt group.  The failure displacement in tension was simply 
taken as the nominal detail distance between the bolt and the edge of the plate.  In compression, 
the connection was simply modeled as infinitely plastic at the ultimate strength. 
Sample calculations for the bolt tear-out behavior are shown below: 
Initial Stiffness 
From FEMA 355D (2000c): 
ks = 28,000(dbg – 5.6‖) = 28,000(6‖ – 5.6‖) = 11,200 k-in/rad 
so, the individual bolt element stiffness can be found by: 
 
Yield Force 
The yield force is found from using ASIC Equation J3-6b using Fy: 
Th = 1.5LchtFy = (1.5)[(1.5‖-0.5‖)(0.25‖)](46ksi) = 17.3 k 
Ultimate Force 
The ultimate force is found from using ASIC Equation J3-6b using Fu: 
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Th = 1.5LchtFu = (1.5)[(1.5‖-0.5‖)(0.25‖)](67ksi) = 25.1 k 
Yield Displacement 
The yield displacement is found from the initial stiffness and the yield force: 
Δy = Fy/Kb = (17.3k)/(622.2k/in) = 0.028 in 
Ultimate Displacement 
The ultimate displacement is found from FEMA 355D (2000c): 
Θt,max = 0.17 – 0.0036dbg = 0.17 = 0.0036(6‖) = 0.1484 rad 
Δu = smax∙ Θt,max = (3‖)( 0.1484 rad) = 0.445 in 
Failure Displacement 
The failure displacement is taken as the distance from the center of the bolt to the edge of 
the plate, Leh: 
Δf = Leh = 1.5 in 
 
The relationship calculated above is plotted in Figure 3.17, illustrating the linear decrease 
in capacity between the ultimate displacement and the failure displacement as well as the 
perfectly-plastic behavior in compression.  
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APPENDIX A TABLES 
Table A.1: Source shear data and adjusted values for A325N bolts 
 
Table A.2: Source shear data and adjusted values for A490N bolts 
 
Shear 
Displacement (in)
X-Condition Shear 
Stress (ksi)
N-Condition Shear 
Stress (ksi)
3/4" Bolt Diameter 
Shear Force (k)
1" Bolt Diameter 
Shear Force (k)
0.000 0 0.0 0.0 0.0
0.025 35 28.0 12.4 22.0
0.100 75 60.0 26.5 47.1
0.200 85 68.0 30.0 53.4
0.250 0 0.0 0.0 0.0
Shear Behavior for A325N Structural Bolts
Shear 
Displacement (in)
X-Condition Shear 
Stress (ksi)
N-Condition Shear 
Stress (ksi)
3/4" Bolt Diameter 
Shear Force (k)
1" Bolt Diameter 
Shear Force (k)
0.000 0 0.0 0.0 0.0
0.025 55 44.0 19.4 34.6
0.100 95 76.0 33.6 59.7
0.175 110 88.0 38.9 69.1
0.200 0 0.0 0.0 0.0
Shear Behavior for A490N Structural Bolts
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APPENDIX A FIGURES 
 
Figure A.6.1: Diagram of the bolt shear limit state for one bolt (Gustafson 2009) 
 
Figure A.6.2: Diagram of the tensile yielding of the plate (Gustafson 2009) 
 
Figure A.6.3: Diagram of tensile rupture of the plate (Gustafson 2009) 
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Figure A.6.4: Diagram of bolt bearing (tear-out) of the plate (Gustafson 2009) 
 
Figure A.6.5: Diagram of block shear rupture of the plate (Gustafson 2009) 
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Figure A.6.6: Yield and ultimate stress values for ASTM A36 plate (Fukumoto 2000) 
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